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ABSTRACT

An infilled rock joint is likely to be the weakest plane in a rock mass. The most
pronounced effect of the presence of infill material is the reduction in friction of the
discontinuity boundaries (i.e. rock to rock contact of the joint walls). The thicker the
infill, the smaller the shear strength of the rock joint. Once the infill reaches a critical
thickness, the joint walls (rock) play no significant role in the overall shear strength.
Several models have been proposed to predict the peak shear strength of infilled joints
under both constant normal load (CNL) and constant normal stiffness (CNS) boundary
conditions, taking into account the ratio of infill thickness (t) to the height of the joint
wall asperity (a), i.e. the t/a ratio. Models based on the CNS condition provide a much
better accuracy of the infilled joint behaviour in the field, but only a limited number of
studies have focused on the more realistic CNS stress-strain behaviour. This study
presents a critical review of some of the earlier studies and the most recent advancement
of a shear-strength model developed at University of Wollongong, Australia,
supplemented with laboratory data for model validation. The effect of different factors
on the shear behaviour such as the t/a ratio, infill friction angle, joint wall roughness,
joint stiffness, and type of infill are presented. In addition the implication of soil-infilled
joint on rock mass behaviour is investigated through extensive practical applications
both analytical and numerical. The new set of proposed discontinuity strength and
deformation relationships can be used as an alternative approach in design. Although
the proposed soil-infilled joint model still suffers from inevitable limitations such as the
empirical parameters that need further calibration with experimental data, the study
vividly demonstrates its practical value with respect to underground excavation and
slope stability in jointed rock mass.
v
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CHAPTER 1
1.
1.1.

INTRODUCTION

GENERAL INTRODUCTION

One of the major problems of dealing with the design of underground excavations, rock
slopes, and the foundation of dams is to accurately predict rock mass behaviour. This is
because rock masses usually consist of an interlocking matrix of discrete blocks with
different degrees of weathering and surfaces that vary from clean and fresh, to clay
covered and slickensided. An accurate prediction of this behaviour is essential because
an incorrect assessment may lead to catastrophic failures, as seen in the past.
During construction of the Panama Canal, between 1910 and 1964, over 60 slides in
rock cuts were recorded and they were predominantly controlled by structural
discontinuities. According to Terzaghi, in his Presidential Address to the first
International Conference on Soil Mechanics and Foundation Engineering in 1936, these
rock slides were a warning to the technical community that they were overstepping the
limits of their ability to predict the consequences of their actions (Hoek 2001).
Two other catastrophic rock failures occurred in 1959 and 1963. The first was the
foundation failure of the Malpasset concrete arch dam in France where the resulting
flood killed about 450 people. The second was the overtopping of the Vajont dam which
killed about 2500 people in the Italian town of Longarone. This overtopping was caused
by debris from a failed rock slope that slid into the reservoir and generated a 100 m high
wave.
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Some recent rock slope failures that occurred in Brazil were also controlled by
geological structural discontinuities. During construction of the Itapebi Dam, rock
failure at the spillway (Figure 1.1) caused a significant increase in costs in order to
increase the shear strength along the slickensided discontinuities. Cable bolts (anchors)
and a mesh of micro tunnels (acting as interlocking structures) were used to stabilise the
area. Another major rock slope failure took place in the state of Paraíba on 17th June
2004. The left bank foundation of the Camará Dam collapsed abruptly and the resulting
flood reached the downstream city of Alagoa Grande causing fatalities and enormous
economical loss (Figure 1.2). Kanji (2004) stated that the main cause of this failure was
an increase in pore water pressure along a clay-infilled (biotite mica) joint as the
reservoir was filling. Another contributing factor was the low level of normal stress
applied on the joint due to a shallow overburden depth.

(a)

(b)

Figure 1.1 - (a) Failure of the spillway at the Itapebi Dam/Brazil. (b) Slickensided joint
surface (Nieble 2005).
These major disasters have had an important role in the development of rock mechanics,
emphasising the need for a better understanding of the shear behaviour of rock masses.
When geological discontinuities such as joints and faults are oriented in specific
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directions they can act as planes of weakness that reduce the shear strength of the entire
rock mass and control the failure. Therefore, apart from the problem of detecting and
describing the joints, it is essential to assess their physical properties because these have
a significant influence on the overall stability of the rock masses.

Figure 1.2 - Failure of the left bank foundation of the Camará Dam/Brazil (Kanji 2004).
1.2.

BACKGROUND TO THE STUDY

The main aim of studying the shear strength of rock joints is to describe their behaviour
mathematically while considering all the contributing factors.
The convenience of analysing test results and then deriving correlations between the
governing variables has encouraged many investigators to propose mathematical
empirical failure criteria to describe the joint shear strength quantitatively. Some factors
that might influence the behaviour of rock joints are:


joint wall roughness / surface geometry;
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compressive strength of the intact rock, the basic friction angle of the joint (i.e. the
friction angle of the planar and smooth joint) and the strength and deformability of
the asperities;



thickness, type and physical properties (strength, over-consolidation ratio etc.) of the
infilling material, if present;



joint water pressure and drainage condition;



stiffness imposed by the surrounding rock mass;



magnitude of normal stress acting on the joint;

A considerable amount of data describing the shear strength of rock joints has been
published, but only a few studies on infilled joints are available. According to
Indraratna & Haque (2000) most of the current joint models can predict the shear
strength of relatively simplified joint surfaces but many do not include the complex
joint surface characteristics, the effect of infill properties and degradation of asperities.
Moreover, conventional laboratory direct shear tests were the primary mode of
assessing the shear strength of rock joints. As a result most tests were conducted under a
constant normal load (CNL), but recent studies have shown that this approach may not
replicate some practical cases. Well known models for clean joints under CNL such as
Newland and Alley (1957), Patton (1966), Goodman (1970), Ladyani & Archambault
(1977) and Barton and Bandis (1990) can easily be found in the literature, of which
more details will be discussed in Chapter 2. However, because a generalised model does
not exist, recent studies systematically carried out by a number of investigators, tried to
incorporate other factors in the models that are available.
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The strength parameters obtained under constant normal stiffness (CNS) are more
representative where a joint is non-planar and dilative and the surrounding rock mass
inhibits some of this dilation. This is the case for underground excavations and rock
socketed piles shown in Figure 1.3 and Figure 1.4.

Figure 1.3 - Joint behaviour in the roof of an excavation. (after Indraratna et. 1999)
In this scenario the stiffness of the surrounding rock mass controls the joint shear
behaviour, but if dilation is fully or partially constrained during shearing, an inevitable
increase in normal stress will occur. As a result the shear resistance will also increase so
conducting a CNL test in this case would result in an underestimation of the overall
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shear strength. On the other hand, the CNL strength envelope always represents an
upper bound of the shear versus normal stress data, so higher shear strength parameters
are obtained. Therefore, the incorrect use of CNL parameters may lead to unsafe
designs when CNS tests better represent the boundary conditions.

Figure 1.4 - Idealised displacement behaviour of pile socketed in rock (after Indraratna
et al. 1999)
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The CNL condition is suitable for planar joints that do not dilate during testing and
hence there is no increase in normal stress throughout the test.
It has been shown that even a very thin infill reduces the shear strength of infilled rock
joints by more than 50% compared to the strength of an equivalent clean joint.
Infilled rock joints are also influenced by the boundary stiffness, i.e. whether CNS or
CNL (zero stiffness) is applicable, as dilation also occurs depending on the level of
applied normal stress and the thickness of the infill.
As noted earlier, rock joints can be divided into clean and infilled joints. Although the
factors presented above affect all types of joints, some of them may influence one type
of joints more than another, depending on a combination of several factors. Therefore, it
is worthwhile to understand the behaviour of these two sets of joints separately. A more
detailed discussion of clean joints will be presented in Chapter 2 and the behaviour of
infilled joints will be discussed in Chapter 3.
1.3.

OBJECTIVES OF THE STUDY AND ORGANISATION OF THE

THESIS
The main objective of this study is a comprehensive understanding of the rock joint
shear behaviour with an emphasis on the influence of soil-infilled joints stemming from
a lack of existing data. An additional focus will be given to the development of a more
generalised model to predict the shear-displacement of soil-infilled joints and the
implication of these joints on rock mass behaviour.
This study will be divided into the following:


A comprehensive critical review of past research on clean and infilled rock joints
presented in Chapters 2 and 3 respectively;
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A verification of the applicability of existing soil-infilled joint models in practice
and further investigation with laboratory tests presented in Chapter 4.



The development of a mathematical model and a numerical approach to predict the
shear-displacement of soil-infilled joints that incorporates the different factors
studied (Chapter 5).



Numerical and analytical approaches used to evaluate the implication of soil-infilled
joints on the stress-strain behaviour of rock masses in practical applications such as
tunnels and rock slopes (Chapter 6).



The conclusions and recommendations for future research are presented in Chapter
7.
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CHAPTER 2
2.

SHEAR BEHAVIOUR OF UNFILLED AND CLEAN JOINTS

2.1.

INTRODUCTION

In general terms, joints will tend to have appreciable undulations (roughness) when
formed by tensile failure. Their irregular surface will tend to be deflected by local
changes in lithology and they may have a rough torn appearance, especially when
cutting across alternating rock types. On a smaller scale, the surface is likely to be rough
because the rock will probably be composed of different strength minerals. On the other
hand, shear joints, which are generally of tectonic origin, will often be markedly planar
as the example presented in Chapter 1 at the Itapebi Dam site shows. Therefore, the
surface roughness of rock joints basically depends on their mode of origin and the
mineralogy of the rock. Amongst the roughest joints will be those formed in intrusive
rocks in a tensile brittle manner, and amongst the smoothest, the planar cleavage surface
in slates.
In some instances, the joint surfaces will also be weathered to some degree, affecting
the joint roughness considerably. It is important to clarify that, in this chapter,
weathered joints are considered to be clean or unfilled joints only. The presence of
infilling material as a result of weathering will be discussed in Chapter 3.
As a result of a variable origin and lithology, a wide range of roughness will cause a
brad spectrum of different shear behaviour. The shear strength of rock joints is derived
from the basic friction angle of the parent rock (i.e. friction angle of a flat and smooth
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joint surface such as a saw cut, in the absence of any weathering or cementation) and in
part from its profile geometry, i.e. the roughness of the joint surface. According to
Barton (1996) the basic friction angle has a usual range of 25º and 35º which is not a
large spectrum of variation. So apart from the level of applied normal stress, surface
roughness has an important role in the shear behaviour of rock joints.
The main effect of roughness is the dilation caused by the need to over ride the
asperities during shearing. As noted in the previous chapter, dilation plays an important
role in the increase of normal stresses and consequently the shear strength under CNS
conditions.
One of the first empirical relationships for predicting the peak shear strength of rock
joints accounting for the effects of roughness was proposed by Patton (1966). The angle
i represents the mean slope of the asperities on the mean joint plane.

τ = σ tan (φb + i )

(2.1)

Due to the relevance in the shear behaviour of rock joints, this chapter presents a
comprehensive review of the dilational behaviour of non-planar joints under many
different aspects such as normal stiffness, the magnitude of applied normal stresses,
drainage conditions, and joint roughness etc.
2.2.

JOINT SURFACE ROUGHNESS MEASUREMENTS

Because roughness plays an important role in the strength of a joint it is essential to
measure the inherent surface waviness or unevenness of the discontinuity relative to its
mean plane properly.
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2.2.1. JRC measurement
Barton (1973) proposed a roughness scale that varied from zero to 20. Basically, this
scale represents the joint waviness surface where its index is known as the joint
roughness coefficient (JRC). Typical roughness profiles for the entire JRC range are
shown in Fgure 2.1. In practice the JRC is usually obtained by directly (i.e. visually)
matching the joint with standard profiles or by a tilt test on the rough joint combined
with a Schmidt Hammer Index test, and a tilt test on a saw cut rock surface. It is often
estimated by back calculation using the shear strength values.
The indirect method used to estimate the JRC index using the Schmidt Hammer and the
tilt tests mentioned above, is calculated according to equations 2.2, 2.3 and 2.4 below.
JRC n =

α º −φ r
 JCS n
log10 
 σ no





(2.2)

r
R

(2.3)

φ r = (φb − 20) + 20 

L
JCS n = JCS o  n
 Lo





−0.02 JRCo

(2.4)

where αº is the tilt angle, φr is the residual friction angle, JCSn is the joint compressive
strength (MPa) from Schmidt hammer scaled for joint lengths > 10 cm, σno is the
normal stress acting on the joint at tilt failure (MPa), φb is the basic friction angle, R is
the Schmidt hammer rebound on a dry unweathered surface, r is the Schmidt hammer
rebound on a wet joint surface, Ln is the length of the sample used in tilt test (cm), Lo is
the laboratory sample length, usually 10 cm, JRCo is the JRC at laboratory scale directly
compared to the Barton and Choubey (1977) profile scale.
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Fgure 2.1 - Typical roughness profiles and corresponding range of JRC (after Barton
1973).
Although the recognition of the JRC method by the ISRM - International Society of
Rock Mechanics, the difficulty of assessing its value with as little subjectivity as
possible due to scale effects, led several authors to propose alternative methods.
Tse and Cruden (1979) mentioned that many surface roughness instruments use an
average deviation from the centre line, from where the roughness is obtained. They
stated that the measure of this average deviation is the root mean square (RMS) which
could be used for basic roughness characterisation. After evaluating the relationship of
several surface parameters they found that the JRC was strongly dependent on some of
them. After some correlation tests they proposed that the JRC could be predicted by two
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mathematical expressions (Equations 2.7 and 2.8) including the surface parameters Z2
and SF.
The parameter Z2 is the RMS of the first derivate of the profile and the SF parameter is
known as a structure function given by:
1
Z2 =
L

x=L

2

1
 dy 
Z
=



2
2
∫x=0  dx 
 M (Dx )
or in discrete form

M

∑ (y
i =1

i +1

− yi )

2





1/ 2

(2.5)

x=L

SF =

∫ ( f ( x) − f ( x + Dx))

2

x =0

(2.6)

JRC = 32.20 + 32.47 log(Z 2 )

(2.7)

JRC = 37.28 + 16.58 log(SF )

(2.8)

where M is the number of discrete measurements of the amplitude, y is the amplitude of
the roughness about the centre line, dx is a small constant distance between two adjacent
amplitude readings, f(x) is the amplitude of asperity at a distance x along the length L
and Dx is a constant distance lag or interval.
Tse and Cruden (1979) also proposed that the arc-tangent of the parameter Z2 should be
proportional to the angle i of an appropriate order, following Patton’s definition. So it
should be a good estimator of i (in radians) on smoother surfaces.
After examining the above proposed equations, Yang et al. (2001) detected an incorrect
aspect related to the enlargement of the samples. According to them, JRC profiles are
approximated by fractals curves and are essentially self-affine surfaces. Scaling this sort
of surface must be done at different rates in axial and transverse axes to preserve a
statistical similarity which was not done by Tse and Cruden (1979) who applied the
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same scale ratio in both axes. On the other hand the same ratio for both axes can be
applied for self-similar surfaces. They reconstructed the previous standard JRC profiles
adopted by Tse and Cruden (1979) using the Fourier Transform method and recorrelated the parameters Z2, SF and JRC to propose new expressions (Equations 2.9
and 2.10), with higher correlation coefficients (0.99326 and 99323 respectively against
the previous 0.986 and 0.984). They also stated that the calculated Z2 and SF for the
isotropically enlarged profiles were not different from the unscaled profiles since these
parameters are influenced only by the slope angles along the joint profile which are
dimensionless. They also noted that slight differences were obtained by self-affine
transformations and then concluded by suggesting that for future sample scale
alterations, the self-affinity concept should be kept in mind.

JRC = 32.69 + 32.98 log(Z 2 )
JRC = 37.63 + 16.5 log(SF )

(2.9)
(2.10)

Another method of obtaining the JRC index was proposed by Xie and Pariseau (1992).
They presented an Equation (2.11) that related JRC in terms of fractal dimensions, as
explained below.

JRC = 85.2671 (D − 1)0.5679

D=

(2.11)

log ( 4 )
2h  
 
log 2  1 + cos tan−1    
 1  
 

where D is a fractal dimension, h is the average asperity height.
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2.2.2. Fractal method
Seidel and Haberfield (1995) stated that the available methods used to represent joint
roughness only described the symptoms and not the causes, and proposed a new
approach using fractal geometry, fractal dimensions, and self-similarity.
Fractal geometry is the geometry of “chaos theory” and has been described as the
geometry of nature (chaotic forms, not straight lines, triangles, squares etc.). According
to this method, there is a parameter that best describes dimensional objects by equal
chord lengths. This parameter is defined as the fractal dimension D with expression as
follows:
D=−

log( Nr )
log(r )

(2.12)

where N is the number of chords of length r.
In this sense Seidel and Haberfield (1995) developed a method which related fractal
dimensions to common roughness statistics such as step or chord angle and height. They
assumed that a joint profile of direct length equal to unity could be characterised by N
segments of chords of constant length r. For convenience, the profile is oriented in such
a way that both ends lay on a horizontal line, as depicted in Figure 2.2. This assumption
allowed that each chord could be defined in turn by its inclination θ relative to the
horizontal line and its length r. The distribution of chord angles θ could reasonably be
assumed as a Gaussian distribution with µθ equal to 0 and standard deviation sθ. With
these considerations they showed that sθ and sh are defined by the following
expressions:
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 (1− D ) 
sθ ≈ cos −1  N D 



D≈−

(2.13)

log( N )
1/ 2
 2
1  
log  s h + 2  
N  


sh ≈ N

−

2
D

(2.14)

− N −2

(2.15)

For a line of direct length Ld, the height standard deviation is given by:

s h ≈ Ld N

−

2
D

− N −2

(2.16)

(a)

(b)

(c)

Figure 2.2 – (a) Characterisation of a profile of unit length with chord length r. (b)
Single chord geometry. (c) Definition of standard deviation of chord length. (Seidel &
Haberfield 1995)
Roughness profiles were then generated using the mid-point displacement technique
which maintains the self-similarity. A general expression for the standard deviation of
mid-point displacements could be established for the kth bisection (N = 2k).
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s h , k ≈ Ld 2

−

2 (1+ kD − D )
D

− 2 −2k

(2.17)

And the standard deviation of angle can be determined as:
 1− D 
sθ ,k ≈ k cos −1  2 D 



(2.18)

Figure 2.3 – Graphical representation of random generation of roughness profiles using
mid-point displacement technique. (Seidel & Haberfield 1995)
Example of typical profiles generated by the above technique were presented by Seidel
& Haberfield (1995).
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Figure 2.4 – Random roughness generation for sθ = 13º compared with ISRM standard
roughness profile JRC 12-14. (Seidel & Haberfield 1995)
2.2.3. Digital coordinate measuring machine
In order to assess the roughness of joint profiles, an interface can be examined using a
digital Coordinate Measuring Machine (CMM) as shown in Figure 2.5. The CMM
consists of a set of Renishaw probes and a microprocessor. The basic frame of the
machine is placed on a granite table. The machine can measure a minimum of 1 micron
resolution and can achieve this with 95% confidence under normal working conditions.
The specimens must be placed on the granite table of the CMM. Before measuring the
coordinates of the specimen, a datum plane is established with respect to the plane on
which the measurements are recorded. For simplicity the granite table can be considered
as a ‘perfect datum’.
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Figure 2.5 – Digital Coordinate Measuring Machine (CMM).

Figure 2.6 – Surface profiles obtained from CMM: (a) Model joint and (b) field
specimen. (Indraratna & Haque 2000)
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2.2.4. Fourier transform method
The Fourier transform method can be used to characterise the surface roughness of
joints precisely. The variation in asperity height along a given interval of a sample
length is a required input for obtaining the Fourier coefficients. In addition, the dilation
of the joints at any shear displacement can be predicted using Equation 2.19.
a0 ∞ 
 2πnh 
 2πnh 
+ ∑ a n cos
 + bn sin

2 n =1 
 T 
 T 

(2.19)

2
2 m −1
 2πnh 
 2kπ 
a n = ∫ f ( x ) cos
n
dx ≈ ∑ y k cos
T a
m k =0
 T 
 m 

(2.19a)

2
2 m−1
 2πnh 
 2kπ 
bn = ∫ f (x )sin 
n
dx ≈ ∑ y k sin
T a
m k =0
 T 
 m 

(2.19b)

δ v (h ) =

b

b

where δv(h) = yk is the dilation at any displacement h, a0, an, bn are the Fourier
coefficients, T is a period between a and b, n is the number of harmonics and m is the
number of equal parts of horizontal displacement. Fourier series can be used to define
any continuous function f(x) which is integrable along the period 2π, and has an
integrable derivative at some interval (a,b).
The Fourier coefficients for the prediction of dilation can be obtained by a series of
laboratory tests conducted on field joints collected from the same site. A database which
stores the likely values of Fourier coefficients under different normal stresses for a
particular site can then be used to predict the shear behaviour of the joints.
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Figure 2.7 – Typical dilation behaviour of saw tooth joint under CNS. Indraratna &
Haque (2000)
According to Indraratna & Haque (2000) a simplified solution of equation 2.19 can be
used for joints with regular triangular asperities. As the coefficients with subscripts 2, 3,
4…n have a very small effect (insignificant values) on the dilation of these joints
(Figure 2.8) only one harmonic may eventually be adopted. Moreover, all values of bn
coefficients are null because the cosine function better fits the typical dilational
behaviour of these joints.
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 2πh 
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2.3.

SHEAR BEHAVIOUR OF CLEAN ROCK JOINTS UNDER CNL AND

CNS CONDITIONS
As noted in Chapter 1, non-planar rock joints may dilate during shearing and the
understanding of this mechanism under different conditions is an essential step towards
a better prediction of their shear behaviour.
The dilation can be constrained or partially constrained by the surrounding rock, which
may cause an increase in normal stress over the shear plane and thereby the shear
resistance. If dilation is partially inhibited a laboratory tests should be conducted to
represent the same boundary condition but under a constant normal stiffness (CNS)
condition. Under a constant normal loading (CNL), i.e. zero normal stiffness, it will
overestimate the predicted dilation for practical situations.
In general, CNL is only realistic for instances where the normal stress applied to the
shear plane remains relatively constant, such as rock slope stability problems, or the
shearing of planar interfaces. However, for conditions such as the examples shown in
Figure 1.3 and Figure 1.4, the development of shear resistance as a function of a
constant normal stiffness (CNS) and the use of CNL test, leads to an overestimation of
the strength parameters.
In the following sections different shear responses under both CNS and CNL conditions
are discussed regarding some affecting parameters.
2.3.1. Effects of normal stiffness
The shear strength of non-planar joints increase during shearing due to the application
of an external normal stiffness kn. This increase is a result of the restriction of dilation
and its consequent increase in normal stress. Several authors have reported that the peak
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shear stress of unfilled joints increases under CNS in comparison to CNL conditions
(Ohnishi & Dharmaratne 1990, Obert et al. 1976, Indraratna & Haque 2000, Skinas et
al. 1990).
Obert et al. (1976) showed that an increase in normal stiffness reduces joint dilation
which leads to increasing the normal stress with shear displacement. The peak shear
stress also increases with an increase in normal stiffness and the stress-displacement
behaviour may be characterised by a well defined peak. Similar results can be found in
Benmokrane and Ballivy (1989) and Archambault et al. (1990) for harder types of rock.
Normal stiffness has no influence on flat joints that do not produce any dilation during
shearing.
Under very high normal stresses the shear behaviour under CNS and CNL are almost
identical since all the asperities undergo shearing without dilation.
Skinas et al. (1990) presented laboratory results demonstrating the influence of normal
stiffness on dilation and normal stress and shear strength behaviours. As observed in
Figure 2.9, the peak shear strength increases with increasing normal stiffness (K). The
normal stress also increases with shearing displacement whereas for a null normal
stiffness, i.e. under CNL, normal stress remains constant. For instance an increase in
normal stiffness from 0 to 50 kN/mm suppressed the dilation by approximately 20% at a
displacement u = 10 mm and normal stress increased twofold. Dilation decreases as
normal stiffness increases, and as expected, the highest values of dilation were obtained
under CNL. They also stated that the curves were separated in the post-yielding phase
and there were greater differences in strength. This difference increases with
displacements which highlights the role of dilation restriction. The stiffness of K=200
kN/mm is equivalent to the stiffness of the rock material above and below the joint so
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there was no dilation but in addition, peak shear stress was also attained at greater shear
displacements with increasing stiffness.

Figure 2.9 – Set of results from shear tests on identical joint surfaces under different
values of constant normal stiffness for σno = 1 MPa. (Skinas et al. 1990)
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Indraratna and Haque (2000) also presented results from laboratory tests on idealised
soft rock joints. The normal stiffness adopted was 8.5 kN/mm which is suitable for
simulating the stiffness of soft inter-bedded rock masses, according to these authors. A
saw-tooth profile and a tension joint were tested and they observed that tests under CNL
always underestimated the peak shear stress of the joint compared to those under CNS,
which was in agreement with Skinas et al. (1990). Under higher values of initial normal
stress σno, their tests indicated a strain hardening behaviour for the tension joint in both
conditions but not for the saw-tooth joint. This hardening under CNS was also observed
by Skinas et al. (1990) (Figure 2.10 and Figure 2.11). One possible reason for this
difference was the roughness. The average height for joint asperities of the tension joint
varied from 1.22 mm to 2.35 mm whereas the saw-tooth had a constant height of 2.50
mm for joint type I. At the beginning of tests on tension and natural joints the asperities
were probably not in a complete matching position and therefore asperity breakage did
not take place at the same time. During shearing an increase in the asperities
interlocking may also have occurred.
2.3.2. Normal stress behaviour and effect of initial normal stress
The effect of initial normal stress σno, under the same normal stiffness was also
presented by Skinas et al. (1990) for both CNS and CNL conditions. The curves moved
upwards almost parallel with increasing σno (Figure 2.11). Moreover, the relative
strengthening effect reduced with increasing σno, so normal stiffness will no longer
influence shearing at very high initial normal stresses.
Similar results were also obtained by Indraratna and Haque (2000). The curves also
showed a parallel shifting (Figure 2.10) under the corresponding stiffness conditions. As
reported earlier, , the hardening effect of normal stiffness for the tension joint tends to
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reduce under higher values of σno. This is also shown in Figure 2.12 where at higher
values of σno an increase in normal stress is less significant whereas the rate of increase
is more pronounced at low initial normal stress. At high initial normal stress (e.g σno =
2.43 MPa) a significant shearing of asperities is associated with an almost constant
normal stress.
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Figure 2.10 – Shear behaviour of a saw-tooth and a tension joints under CNL and CNS
conditions. (modified from Indraratna & Haque 2000)
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Figure 2.11 – Effects of initial normal stress on the τ - u relationships of the same joint
under constant normal stiffness, 50kN/mm and 0 kN/mm (CNL). (Skinas et al. 1990).

Figure 2.12 – Variation in normal stresses for saw-tooth and tension joints under CNS
(k=8.5 kN/mm) for different initial normal stress. (Indraratna & Haque 2000).
Due to asperity breakage, an increase in initial normal stress induces the shear peak to
occur at lower horizontal displacements under CNS (Figure 2.13).
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(a)

(b)

Figure 2.13 – Variation of shear and normal stresses with horizontal displacement for
saw-tooth joints (a) type II - i = 18.5º and (b) type III - i = 26.5º under CNS condition
with Kn = 8.5 kN/mm. (modified Indraratna & Haque 2000).
The effect of initial normal stress on dilation is presented in Figure 2.14. The values of
dilation under a CNL condition are higher than those under a CNS condition. As
expected, higher dilation is attained at lower values of initial normal stress. Under CNL
and at the lowest level of σno (0.16 MPa), the saw-tooth joint type I shows a maximum
dilation approximately equal to the asperity height, which does not happen under CNS.
This plot illustrates that a pronounced shearing of asperities occurs due to an increase in
normal stress under CNS which improves the shear strength. Furthermore, under higher
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levels of initial normal stress (e.g. 2.43 MPa) the saw-tooth joints showed flat curves of
dilation which indicates greater shearing of asperities. This is in agreement with the
almost constant behaviour of the normal stress presented in Figure 2.12 and Figure 2.13.
As a result, the joint responses for both CNL and CNS conditions are similar at this
level of σno.
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Figure 2.14 – Variation of dilation with horizontal displacement for a tension joint and
saw-tooth joints types I (i=9.5º), II (i = 18.5º) and III (i = 26.5º) under CNS condition.
(modified from Indraratna & Haque 2000).
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2.3.3. Dilation behaviour
It is interesting to note that during shearing dilation follows the shape of the asperities,
if they don’t break. This can be observed in Figure 2.14, particularly for the saw-tooth
joint type I at σno = 0.16 MPa under the CNL. Even when the asperities break the shape
of the dilation was always similar to that shown in Figure 2.7.
As discussed earlier, dilation is intrinsically connected to the boundary condition
(normal stiffness) and the level of applied initial normal stress.
2.3.4. Shear displacements at peak shear
Peak shear stress is attained lower horizontal displacements with increasing σno (Figure
2.15). The peak shear stress under CNL occurs at a smaller horizontal displacement and
below the CNS peak.
2.3.5. Shear strength envelopes
The effect of CNL and CNS on the strength envelope is assessed by plotting the shear
strength against the corresponding normal stress.
The peak friction angle obtained under CNS is always smaller than under CNL
(Indraratna & Haque 2000). It is evident that the peak shear stress envelope for sawtooth joints under CNL condition is bilinear (Figure 2.16a), following Patton’s law, and
represents the upper boundary for all tests on the same joint. On the other hand the CNS
peak shear stress envelope can be described by a linear relationship for this particular
type of joint. In contrast, the peak shear strength envelope for higher asperities deviates
from linearity. For the tension joint, the CNL and CNS strength envelopes are linear for
the range of normal stresses investigated.
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Figure 2.15 – Effect of boundary on the shear displacement corresponding to peak shear
stress for a joint with i=9.5º. (modified from Indraratna & Haque 2000).
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Figure 2.16 - Shear strength envelopes for the tests performed by Indraratna & Haque
(2000) (a) For tension and saw-tooth joints under CNL and CNS (b) for saw-tooth joints
under CNS .
Chapter 2 – Shear behaviour of unfilled and clean joints

31

Indraratna and Haque 2000 observed that a non-linear shear strength was more
applicable for the interface Types II and III whereas Type I joint showed some degree
of linearity. In Figure 2.16b the basic friction angle obtained on a planar interface at
different normal stress is plotted as a “bench mark”. According to the authors the nonlinearity of joints Type II and II (i = 18.5º and 26.5º) are explained by an apparent
friction angle that was significantly greater than φb at low levels of normal stress, cause
by the enhanced shearing resistance offered by the angular asperities. However, an
increased degradation of asperities is associated with a reduction in the apparent friction
angle at elevated stress levels, which tends to approach the basic friction angle. A Type
I joint (i = 9.5º) however, is less “frictional” due to the smaller asperity angle and its
behaviour does not indicate such a pronounced non-linear trend.
2.3.6. Stress-paths
As known, the stress paths represent the change in shear stress with normal stress for
different initial normal stresses. The results obtained by Indraratna and Haque (2000)
are shown in Figure 2.17.
It is obvious that the peak shear stress increases with increasing σno and also with the
initial asperity angle. Indraratna and Haque (2000) stated that the stress paths propagate
along the strength envelope over a significant horizontal displacement at low levels of
normal stress. This implies that shearing takes place over a greater shear displacement.
Due to this propagation of the stress-path over significant horizontal displacements,
only a few tests are necessary to predict the strength envelope, whereas under CNL a
considerable number of tests are required. If the normal stress is increased further (σno
>2.43MPa), the stress paths do not propagate along the strength envelope, but just reach
the peak and then drop rapidly. It is important to note that the stress path propagates
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along a shorter length for Type III joints under the three lowest initial normal stresses
compared to joints Types I and II. This is attributed to the enhanced surface degradation
in joint Type III caused by a concentration of high stress around the asperities, thereby
shearing at lower horizontal displacements.

Figure 2.17 – Stress-path plots for joints Type (a) I, (b) II and (c) III (Indraratna &
Haque 2000).
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2.3.7. Effects of roughness
It has already been demonstrated that roughness plays an important role in joint shear
behaviour. Rougher surfaces cause higher dilations and an increase in normal stresses
with joint shearing, and higher peak shear stresses.
3.5
Joint Type I - i = 9.5
Joint Type II - i = 18.5
Joint Type III - i = 26.5

Normal stress, MPa

3.0
2.5
2.0
1.5
1.0
0.5
0.0
0

5

10

15

Horizontal displacement, mm

(a)

20

(b)

Figure 2.18 – Effect of joint roughness on the normal stress path: (a) saw-tooth joints
with Kn = 8.5 kN/mm (modified from Indraratna & Haque 2000) (b) under different
normal stiffness (Skinas et al. 1990).
The effect of surface roughness on the normal stress path during shearing is shown in
Figure 2.18. This plot shows that the more dilative joints (higher JRC) cause a more
pronounced increase in σn. It is also interesting to note in Figure 2.18(a) that although
rougher, the normal stresses for joint type III are less than that of joint type II, beyond
some displacement. The displacements at which this is seen are in the vicinity of the
peak shear stress for joints type III. As noted before the breakage of asperities reduces
dilation and consequently the increase in normal stress is similar to those at higher
initial normal stresses. For higher initial asperity angles an enhanced surface
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degradation occurs due to the high stress concentration around the asperities and thereby
shearing at lower horizontal displacements.
The influence of roughness in the peak shear strength envelope is also shown in Figure
2.16b where for higher asperity heights the strength envelope tends to deviate from
linearity.
2.4.

EXISTING MODELS TO PREDICT THE SHEAR BEHAVIOUR OF

CLEAN JOINTS
Following is presented a brief overview of some of the existing shear strength models
for clean joints under both boundary conditions (CNL and CNS).
The main line of approach adopted by several researchers to quantitatively describe the
mechanical behaviour of rock joint was an empirical approach, as will be demonstrated.
Therefore, experimental data were analysed to derive correlations between variables of
influence and formulate models according to the observed behaviour. Also some
analytical and theoretical models will be presented.
2.4.1. Patton’s model (1966)
Patton (1966) conducted a series of tests on regular saw-teeth artificial joints under
CNL conditions. He could verify that the results fitted the bi-linear shear strength
envelope developed by Newland & Alley (1957) to describe the dilation of granular
material. Thus, Patton proposed the following equations for predicting rock joint shear
strength:


For asperity sliding:

τ p ( CNL ) = σ n( CNL) tan(φb + i0 )
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For asperity shearing:

τ p (CNL ) = c + σ n (CNL ) tan(φb )

(2.22)

where CNL is the constant normal loading condition, τp is the peak shear stress, σn is
the normal stress, φb is the basic friction angle, c is a cohesion intercept and io is the
initial asperity angle. According to the above equations (Figure 2.19), the sliding of
asperities takes place at low levels of normal stress, but after a certain magnitude,
shearing through asperities occurs.

Figure 2.19 – Patton’s bilinear failure model (after Patton, 1966)
2.4.2. Barton (1976)
The peak shear strength predicted by Patton’s model at low-medium normal stress
generally overestimates the actual strength. Hence, in contrast to Patton’s model, Barton
(1976) considered simultaneous sliding and shearing to obtain different strength
envelopes.
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Using the results of direct shear tests on an artificial tension joint sample (clean and
unweathered), Barton (1976) developed the following relationships:

τ p ( CNL)
= tan(2d n + 30º )
σ n ( CNL)

(2.23)

 σc 

d n = 10 log10 
σ

 n (CNL ) 

(2.24)

where dn is the dilation angle at peak stress and σc is the uniaxial compression strength
of the intact rock material. The approximate peak shear strength envelope could be
obtained by rewriting the above equations.


 σc

τ p ( CNL) = σ n (CNL ) tan 30º +20 log10 



 σ n( CNL)






(2.25)

The above equation was obtained for a particular joint profile so different roughness
were not considered. Moreover, the joint walls can show different uniaxial compressive
strength than that of the rock due to weathering. Hence, Barton extended the equation to
incorporate the influence of these factors, obtaining a more general equation.


 JCS  


σ
 n (CNL )  

τ p ( CNL) = σ n (CNL ) tanφb + JRC log10 



(2.26)

It can be noted the similarity of this equation to that proposed by Patton, where the
variable dilation is inferred from the relationship
 JCS
iτp = JRC log10 
σ
 n (CNL )






(2.27)

where iτp is the dilation angle at peak. However, it is important to highlight the main
difference between Patton’s and Barton’s models. The first one uses the initial dilation
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angle whereas the second the dilation angle at peak stress, where the relationship io =
JRC can be considered according to Dight & Chiu (1981).

Figure 2.20 – Barton’s failure model prediction for non-planar rock joints, adopting φb =
30º and showing curves for different values of JCS (after Barton, 1976)
2.4.3. Heuze & Barbour (1982) analytical model
Heuze & Barbour (1982) introduced a three-parameter model to predict the effect of
joint dilation on the behaviour of rock joints. It described the strength envelope below
the critical point beyond which no dilation was observed. In this model the peak shear
stress is determined by:

τ p (CNS ) = Aσ + Bσ 2 + Cσ 3
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where A = tanφp, B =

3C p 2(tan φ p − tan φr )

σ

2
c

σc

and C =

− 2C p (tan φ p − tan φr )

σ c3

σc

The instantaneous dilation angle is given by:
dτ
= tan (φr + δ )
dσ

(

(2.29)

)

where δ = tan −1 A + 2 Bσ + 3Cσ 2 − φr
When σ > σc the peak strength is given by τ p ( CNS ) = C p + σ tan φr and for the residual
strength by τ p (CNS ) = σ tan φr .
To incorporate the influence of dilative joints the authors proposed the following
incremental normal stress based on the model shown in Figure 2.21:
∆σ = tan δ

KN .KNEFF
∆u
KN + KNEFF

(2.30)

where KNEFF is the stiffness of the adjacent structure, KN is the normal stiffness of the
joint itself, ∆u is the shear displacement along joint, and ∆v is the normal displacement.

Figure 2.21 – Conceptual model of dilatant joints (after Heuze & Barbour 1982)
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2.4.4. Skinas et al. (1990)
Skinas et al. (1990) stated that modelling the complete behaviour of the joint requires a
method for predicting the variations of dilation under changing normal stresses and
shear displacements.
Figure 2.22 depicts their approach. The right side of the plot shows dilation curves
corresponding to shearing under different constant normal stresses, and the left side a
trend of variation in normal stress with dilation for constant boundary stiffness.

Figure 2.22 – Calculation procedure for modelling dilation under CNS
Assume that point 1 on the dilation curve corresponds to σni. After some displacement
caused by shearing, a new position is achieved (ui+1) and normal displacement will
increase to a value of vi+1 depending on ∆σ. This new point (2) will refer to another
dilation curve corresponding to σni+1 on the right side of the plot. Therefore, the position
of point 2 satisfies the conditions below.
vi +1 = vi + (ui +1 − ui ). tan d ni +1

(2.31)

and
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σ ni +1 = σ ni + K (vi +1 − vi )

(2.32)

An iterative linear procedure can be applied to the above equations to calculate point 2.
The authors adopted the concept of mobilised dilation of the Barton-Bandis model and
then proposed the expression below to describe the change in dilation.
∆v = ∆u tan d n ( mob)

(2.33)

where

d n ( mob ) =

 JCS 
1

JRC( mob ) log
M
 σn 

(2.34)

in which M is the damage coefficient, JRC(mob) is the mobilised joint roughness
coefficient, and JCS is the joint wall compressive strength.
The values of M at peak strength have been defined by Barton and Choubey (1976) as
equal to 1.0 and 2.0 for low and high normal stresses respectively. Skinas et al. (1990)
stated that in the post-peak range and at high stresses M can reach a value of 5.0.
Rearranging equations 2.31 and 2.34 the following expression is obtained:
1
 JCS 

vi +1 = vi + (ui +1 − ui ). tan  JRCmui log
 σ ni +1 
M

(2.35)

where subscript m stands for mobilised and ui is the shear displacement.
The normal stress increment can then be calculated by
∆σ = K

vi +1
A

(2.36)

where A is the joint total area.
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Finally, the mobilised shear strength at any stage of shearing is expressed by the
following equation:



 JCS 
 + φr 
 σ ni +1 


τ ( CNS ) = σ ni +1 tan  JRCmui log


(2.37)

where φr is the residual friction angle. Some studies show that the values of φr and φb
are close and therefore it is sufficient to replace φr by φb (Goodman, 1989).
According to Indraratna and Haque (2000) the use of this model is complicated because
it is based on the mobilised JRC, which is difficult to obtain.
2.4.5. Saeb & Amadei (1990, 1992) graphical model
These authors proposed a graphical method with the aid of CNL response curves to
determine the shear behaviour of joints under any boundary condition. They emphasised
that constant or variable stiffness boundary conditions are more likely to exist across
joint surfaces in-situ rather than constant normal load (CNL).Their method consisted of
a series of tests as described below:


Behaviour of a joint under increasing normal stress with zero shear stress (i.e.
normal stress versus joint closure relationship)



Behaviour of a joint under increasing shear stress (i.e. shear stress versus shear
displacement relationship and normal displacement versus shear displacement
relationship).

Essentially this method consists of using the curves shown in Figure 2.23 to plot the
variation of the joint normal stress σn versus the joint normal displacement ν for
different values of shear displacement, u (Figure 2.24). Each curve ui is constructed
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using the values of σn and ν at the point of intersection between the displacement lines,
ui, and the normal displacement versus shear displacement curves shown in Figure
2.23c. The following remarks are made about Figure 2.24:


The curve u = u0 which represents the joint under mated condition is identical to the
joint closure vs normal stress curve of Figure 2.23a.



Each curve u = ui represents the behaviour of the joint under normal loading after
being mismatched by a shear displacement ui.



For the joint response shown in Figure 2.23c, all curves ui (for i>4) coincide with
the curve u4, since there is no further dilation for displacements higher than u4.



All curves ui approach the curve u0 as σn increases.

These figures can be used to predict the shear strength of the joint for any load path. For
instance four distinct load paths are given in Figure 2.24. These paths originated from
point A assuming that a normal stress σn = 4A (A is an arbitrary stress) was applied
without any shearing. Under a constant normal stiffness K, the joint may follow the path
AFGHI while it would follow the path ABCDE under a CNL or AJKLM when no
change in normal stress was allowed (K= ∞). Finally, the path ANPQR corresponds to a
joint in a rock mass with increasing applied normal stiffness. In Figure 2.24, by
recording the values of σn and u at the point of intersection of each path with the curves
ui and using Figure 2.23b-c, the shear stress vs shear displacement curves for σn = 4A
can be constructed. These curves are shown in dashed lines.
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Figure 2.23 – Joint response curves for normal stresses σn ranging between 0 and 20A
(after Saeb & Amadei 1990).
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Figure 2.24 – Normal stress versus normal displacement at different shear displacement
levels (after Saeb & Amadei 1990).
This model can then be adopted by applying the data obtained under a CNL condition to
determine the shear strength under a CNS condition. However, the process is
complicated due to the necessarily wide range of CNL tests.
2.4.6. Saeb & Amadei (1992) mathematical model
Saeb & Amadei (1992) expressed the previous graphical model in analytical
expressions. Based on the empirical relation for the secant rate of dilation given by
Ladanyi & Archambault (1970), they stated that the normal displacement of a joint ν,
must be a function of the shear displacement u, and normal stress σn. To describe this
mechanism, the following equation was given:
k2

 σ 
v = u1 − n  . tan i0 + f (σ n )
 σt 

(2.38)

where σt is the transitional stress, which is treated is an independent constant obtained
from experimental results, k2 is an empirical constant with value of 4, suggested by
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Ladanyi & Archambault (1970), and io is the initial dilation angle. The transitional
stress σt describes the point beyond which no dilation occurs.
Bandis et al. (1983) proposed a hyperbolic model to describe the behaviour of a joint
under increasing normal stress, without shear stress (i.e. normal stress versus joint
closure relationship). This behaviour is also shown in Figure 2.23a.
v.k ni .Vm
Vm + v

(2.39)

σ n .Vm
k ni .Vm − σ n

(2.40)

σn =

or
v=

where Vm is the maximum joint closure and kni is the initial normal stiffness of the joint.
For no shear displacement, i.e. u = 0, the first term in Equation 2.38 vanishes, making it
equal to Equation 2.40, the value of f(σn) is determined. Equation 2.38 can then be
expressed by:
k2

 σ 
σ n .Vm
v = u1 − n  . tan i0 +
k ni .Vm − σ n
 σt 

(2.41)

An incremental formulation can be obtained by differentiating the above equation as
follows:
 σ
dv = 1 − n
 σt

k2


u.k  σ
 . tan i0 .du − 2 .1 − n
σt  σt






k 2 −1

. tan i0 .dσ n +

k ni .Vm

2

(k ni .Vm − σ n )2

.dσ n

(2.42)
or after rearrangement
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k2

 σ 
dv − 1 − n  . tan i0 .du
 σt 
dσ n =
k 2 −1
2
k ni .Vm
u.k 2  σ n 
 . tan i0 +
.1 −
−
σ t  σ t 
(k ni .Vm − σ n )2

(2.43)

Equation 2.43 relates the change in normal stress to the changes in normal and shear
displacement, and it can be rewritten in a more compact form as:
dσ n = k nn dv + k nt du

(2.44)

where knn = ∂σn/∂ν and knt = ∂σn/∂u. Note that knn is the analytical expression for the
joint tangent normal stiffness when the joint has been sheared by an amount equal to u.
Equations 2.43 and 2.44 are only valid for σn/σt<1.
By analogy a similar expression can be developed for shear stress since it depends in
general on ν and u.
dτ n = k tn dv + k tt du

(2.45)

where ktn = ∂τ/∂ν and ktt = ∂dτ /∂u. According to Saeb & Amadei (1992), it has been
common practice to assume that ktn is equal to zero and ktt is equal to the shear stiffness
ks. However, they state that this assumption is not necessary and then present closedform solutions for both shear stiffness coefficients. For both models suggested in Figure
2.25, the following relations apply:

τ = ksu

ks =

with

 τ −τ
τ =  p r
 u p − ur

τ =τr

τp
up

  τ r .u p − τ p .u r
u + 
  u −u
p
r
 

for u < up



 for up < u < ur

for u > ur
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Using the chain rule of differentiation and equations 2.46, 2.47 and 2.48, Saeb &
Amadei (1992) presented the partial derivatives ktn = ∂τ/∂ν and ktt = ∂τ /∂u, over the
three regions of u. The expressions are different for the two models as following.

Constant displacement model


for u < up
k tn =

k tt =



∂τ p
∂τ
u
=
k nn .
∂v u p
∂σ n

(2.49)

∂τ p τ p
∂τ
u
=
k nt .
+
∂u u p
∂σ n u p

(2.50)

for up < u < ur
k tn =

k nn
∂τ
.
=
∂v u p − u r

 ∂τ p
 ∂τ p 
 
1 − B0  τ p
 B0 +
σ n  + (1 − B0 ) 
.(u − u r ) + (u p − u ).

σt
 ∂σ n
 σt
 ∂σ n 
 

k tt =

(2.51)

k nt
∂τ τ p − τ r
=
+
∂u u p − u r u p − u r

 ∂τ p
 ∂τ 

 τ
(u − ur ) + (u p − u ). p  B0 + 1 − B0 σ n  + p (1 − B0 ) 

σt
 ∂σ n
 σt
 ∂σ n 
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Figure 2.25 –Shear stress vs shear displacement models suggested by Goodman (1976).
(a) constant stiffness model (b) constant displacement model. (after Saeb & Amadei
1992).



for u > ur

k tn =

k tt =

 ∂τ p 

1 − B0  τ p
∂τ
 B0 +
σ n  + (1 − B0 )
= k nn .
σt
∂v
 σt
 ∂σ n 


(2.53)

 ∂τ p 

1 − B0  τ p
∂τ
 B0 +
σ n  + (1 − B0 )
= k nt .
σt
∂u
 σt
 ∂σ n 


(2.54)

Constant stiffness model


for u < up

Chapter 2 – Shear behaviour of unfilled and clean joints

49



k tn =

∂τ
=0
∂v

(2.55)

k tt =

∂τ τ p
=
∂u u p

(2.56)

for up < u < ur

k tn =

k tt =



∂τ p 1  u pτ r − u rτ p
∂τ
= k nn .
. .
∂v
∂σ n τ p  u p − u r






∂τ p 1  u pτ r − u rτ p
k nt
∂τ τ p − τ r
=
+
.
. 
∂u u p − u r u p − u r ∂σ n τ p  u p − u r

(2.57)





(2.58)

for u > ur
same as equations 2.53 and 2.54 respectively

where B0 is the ratio of residual-to-peak shear strength at zero (or very low) normal
stress (0 ≤ B0 ≤ 1). In view of these equations the following relationships were then
written:
k tt =

k tt =

k tt =

k tn .k nt τ p
+
k nn
up

when u < up

(2.59)

k tn .k nt τ p − τ r
+
k nn
u p − ur

when up < u < ur

(2.60)

ktn .k nt
k nn

when u > ur

(2.61)

Finally, combining equations 2.44 and 2.45, a differential formulation can be written for
the rock joint deformability:
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dσ n  k nn

=
 dτ   k tn

k nt   dv 
 
k tt  du 

(2.62)

2.4.7. Indraratna et al. (1998) and Indraratna & Haque (2000) model
Indraratna et al. (1998) stated that Equation 2.26 can then be used to estimate the peak
shear strength, assuming that the normal stress momentarily remains constant under
CNS. The shear strength for a range of normal stresses predicted in this manner seems
to underestimate the laboratory measurements.
In order to suit the CNS condition and incorporate the effect of asperities on the extent
of dilation and surface degradation, they following the same line of reasoning as Barton
(1976) and proposed the following relationship using the results from saw-teeth joint
tests(types I, II, III):
 σ n (CNS ) 
iτp = i0 1 −
σ c 


β

(2.63)

where β is the surface property which accounts for the degradation of joints. For the
saw-teeth joints tested by the authors, Type I, Type II and Type III, the β values
obtained were 0.19, 1.5 and 3.0 respectively.
It is demonstrated in Figure 2.26 that the increase in normal stress under CNS is
governed by the amount of dilation of the joints during shearing. It can be noted that the
normalised ratio (between dilation at peak shear and asperity height - dv/a) has a unique
relationship with the initial normal stress (σno) for a given joint profile. Therefore, the
normal stress σn(CNS) corresponding to peak shear stress under constant normal stiffness
(CNS) can be computed by knowing the associated dilation and normal stiffness of the
joint.
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σ n (CNS ) = σ no + ∆σ n = σ no +

k .d v
A

(2.64)

where σn(CNS) is the normal stress corresponding to peak shear stress at a given σno
under constant normal stiffness, k is the normal stiffness (kN/mm), dv = dilation
corresponding to peak shear stress (mm), and A is the joint surface area (mm2).
The authors incorporated equations 2.63 and 2.64 into Equation 2.26 to suit it for CNS
conditions and then proposed the following equation:

τ p (CNS )


 σ n (CNS )
= σ n( CNS ) tan φb + i0 1 −
σc







β





(2.65)

Figure 2.26 – Variation of ratio dv/a with initial normal stress for profile Type I, II and
III. (Indraratna et al., 1998).
As mentioned in section 2.2.4 of this study, dilation can be expressed by a Fourier
Transform. Therefore, Indraratna & Haque (2000) proposed that the normal stress at any
horizontal displacement h, could be expressed by:
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σ n.h (CNS ) = σ no + ∆σ n.h = σ no +

k .δ v (h)
A

(2.66)

where ∆σn.h is the incremental normal stress at displacement h, k is the normal stiffness,
δv(h) is the dilation corresponding to a displacement h, following Equation 2.19 and A is
the joint surface area. Hence, the shear stress at any horizontal displacement, according
to Barton’s model (that incorporates sliding and shearing), can be expressed as:

τ h ( CNS ) = σ n.h (CNS ) . tan(φb + ih ) = (σ no + ∆σ n.h ). tan(φb + ih )

(2.67a)

rearranging the expression, using trigonometric relationships
 tan(φb ) + tan(ih ) 

 1 − tan(φb ). tan(ih ) 

τ h ( CNS ) = (σ no + ∆σ n.h ).

(2.67b)

where ih is the dilation angle at a horizontal displacement h.
Ladanyi & Archambault explained Patton’s (1966) formulation by considering the
energy principles on regular triangular asperities as:
S = S1 + S2 + S3

(2.68)

where S is the total shear resistance, S1 = σn.tan(ih) is the component of external work in
dilating against external stress, S2 = S.tan(ih) tan(φb) is the component of additional work
done against internal friction due to dilatancy and S3 = σn.tan(φb) is the component work
done in friction if the sample did not change volume during shearing. As the first aim
was to explain Patton’s model, only a sliding mechanism was adopted and ih adopted
equal to io. They used this approach to derive an identical expression to Patton’s model
at normal stress levels smaller than the transition stress.
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Seidel & Haberfield (1995) considered plastic deformation, which implies asperity
shearing, and stated that the work done in dilating a joint against a given normal stress
was only given by S1 and S3, if the change in volume was not effected by the elastoplastic deformation. The work done in friction S2, will only change as the relative
dilation reduces due to asperity degradation. Therefore, the term S2 is reduced if the
current dilation angle ih<io. On this basis the expression for component S2 can be
represented by S2 = S.tan(ih) tan(φb).
In order to satisfy the energy balance principle of the component S1, that is first
expected to be S1 = σn.h.tan(ih), it needs to be replaced by S1 = σn.h.tan(io). This leads to
S = S1 + S2 + S3 = σn.h.tan(io) + S.tan(ih) tan(φb) + σn.h.tan(φb)

(2.69)

substituting S by τh(CNS) the following expression is then obtained:
 tan(φb ) + tan(i0 ) 

 1 − tan(φb ). tan(ih ) 

τ h ( CNS ) = (σ no + ∆σ n.h ).

(2.70a)

On this basis Equation 2.67b underestimated the shear stress which was avoided by
using Equation 2.70.
Replacing equations 2.19 and 2.66 in the above expression, it can be written as:


k  a0 n 
2πnh
2πnh  
+ ∑  an cos
+ bn sin
 .
A 2
T
T  
1 

τ h (CNS ) = σ no + .


 tan(φb ) + tan(i0 ) 


 1 − tan(φb ). tan(ih ) 
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Figure 2.27 – Predicted and observed shear stress with horizontal displacement for Type
II joint under CNS (after Indraratna & Haque 2000)
To obtain the maximum shear stress (τp(CNS)), Equation 2.70b can be differentiated with
respect to horizontal displacement h, such that ∂τh(CNS)/ ∂h = 0. In order to achieve this,
Equation 2.19 must be differentiated first to obtain tan(ih), and then substituted into
Equation 2.70b.
tan(ih ) =

∂ (δ v )
2πn  n
2πnh n
2πnh 
=−
a
sin
−∑ bn cos
∑
n

∂h
T 1
T
T 
1

(2.71)

As both σn.h and ih are continuous functions, the solutions for the peak shear stress
(τp(CNS)) always exist. The equation ∂τh(CNS)/ ∂h = 0 can be numerically solved and the
given solution is the horizontal displacement (hτp) where τp(CNS) occurs. The value of hτp
is then substituted in Equation 2.71 to find the dilation angle at peak [tan(iτp)]. If
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Equation 2.70b is solved using these both values, hτp and tan(iτp), the peak shear stress is
then found.
Indraratna & Haque (2000) used the simplified Equation 2.20 with only one harmonic to
obtain the following expressions for regular triangular saw-tooth asperities:

∂ (τ h (CNS ) )
∂h

=

n
2πnh 
k n
 2πnh   2π
sin
.
1
tan(
)
na
+
+
φ


∑
n
b ∑ na n sin
A 1
T
T 
 T 
1

n
n
2πnh  
2πnh 
k a
 2π
tan(φb )∑ n 2 an cos

.σ no + . 0 + ∑ an cos

T 
A 2
T 
1
1
T

2
2 



 − 1 ± 1 −  π tan(φb )  4a12 −  2σ no + a0   

T
k/A
  

 
T 

hτp =   tan −1 
π tan(φb ) 
 2σ no

π 


2a1 − 
+ a0 



T
k/A





tan(iτp ) = −



2πhτp 
2π 
a1 sin

T 
T 

2πhτp
k  a0
+ a1 cos
A 2
T

τ p ( CNS ) = σ no + .


= 0 (2.72a)

(2.72b)

(2.72c)

  tan(φb ) + tan(i0 ) 
.
  1 − tan(φ ). tan(i ) 
b
 
τp


Chapter 2 – Shear behaviour of unfilled and clean joints

(2.72d)

56

Figure 2.28 – Graphical representation of the prediction of clean joint peak shear stress.
(Indraratna et al. 1999)
2.4.8. Seidel & Haberfield (2002) theoretical model
Haberfield & Seidel (1998) extended the CNS technique on soft rock/rock joints and
found that the failure mechanism of rock/rock joint was significantly different from
concrete/rock joints. The much stronger concrete part of the concrete/rock joint
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constrained the failures over the entire contact length of each asperity. However the
material on both sides of the interface of rock/rock joints is similar which allows failure
to occur at localised regions of high stress. Failure gradually progresses until each
asperity fails completely which significantly reduces the strength. Soft rock/rock joints
fail on a curved surface which results in the development of a sliding/shearing
mechanism.
Tests on simple triangular profiles (Seidel & Haberfield 2002) indicated that these two
mechanisms occur independently; with initial sliding along the surface of the asperities
and then simultaneous shearing through all the intact asperities.
Although the shearing of joints with more complex geometry is also controlled by these
same two basic mechanisms, they cannot be readily isolated in the response of the joint.
Shear displacement is initially affected by sliding on the steepest asperities which
causes joint dilation and shallow asperities to be lifted out of contact, and stresses to be
localised on those steep asperities in contact. At a critical displacement the shear
stresses on the steepest asperity exceed the strength of the asperity so that it fails and its
load is shed to other asperities. Dilation is then controlled by the next steepest asperity
until it too fails in shear. Thus, sliding, progressive asperity, shear, and post-peak
sliding occur simultaneously in complex joint profiles.


Triangular asperity model

Asperity sliding
As noted earlier, the first mechanism which takes place with shear displacement is
asperity sliding (Patton 1966, Ladanyi & Archambault 1977 etc.). The average shear
stress is given by Equation 2.21.
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Asperity shearing
Seidel & Haberfield (2002) noted that as shear displacement occurs, the contact area
between the two joints is restricted to one asperity face, which progressively reduces
(see Figure 2.29). Hence, normal stress increases as a consequence of the reduced
contact area as well as the result of an applied normal stiffness. A critical normal stress
is then reached at which the asperity can no longer sustain and individual asperity
failure takes place.

Figure 2.29 – Reduction of asperity contact area with progressive shear displacement.
(after Seidel & Haberfield 2002)
Numerical simulations and video records of direct shear tests indicated a rotational
asperity failure. This was in contrast to other models such as Patton (1966), which were
based on a planar failure surface.
The form of the failure lead the later authors to use slope stability methods in order to
model the shear failure of asperities of soft rocks. A closed form solution for the failure
of a weightless slope with a slope angle ψ in a c-φ soil subjected to an inclined load was
adopted. Figure 2.30 shows the features of the solution proposed by Sokolovsky (1954).
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Figure 2.30 – Solution for the failure of a weightless slope in a c-φ soil. (in Seidel &
Haberfield 2002)
The solution was obtained indirectly by solving the following three equations
simultaneously:
q cos δ = σ (1 + sin φ cos 2 ρ ) − H

(2.73a)

− q sin δ = σ sin φ sin 2 ρ

(2.73b)

q=


H 1 + sin φ cos 2 ρ
exp[(π − 2ψ + 2 ρ ) tan φ ] − 1σ sin φ cos 2 ρ

cos δ  1 − sin φ


(2.73c)

where σ = (σ1+σ3)/2, H = c.cotφ and µ = π/4 + φ/2 (Donald & Chen 1997). With regular
asperity shearing, the load inclination can be assumed to be equal to the sliding friction
angle of the joint, δ = φb, ψ = 2i0 and c and φ are the intact strength parameters of the
rock.
Solokovsky’s solution is for a slope of infinite length and assumes that the failure
envelope intersects the slope above the toe. Any constraint imposed by a limited slope
length would increase the predicted failure stress. The solution, however, does allow the
theoretical ratio of the distance s0 (from the crest of the slope to the point of intersection
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of the failure plane with the slope) to the width of the loaded area w, to be determined
as:
2
s0 2 cos µ tan (π / 2 − µ − ρ ) 1 + tan (π / 2 − µ + ρ ) exp[tan φ (π / 2 −ψ − ρ )]
=
tan(π / 2 − µ − ρ ) − tan (π / 2 − µ + ρ )
w
(2.74)

If the ratio of actual slope length to loaded area width s/w (as shown in Figure 2.31)
exceeds s0/w; the closed-form solution is valid. However, if the ratio is smaller the
‘‘free’’ failure mechanism will be affected, and a ‘‘constrained’’ failure mode at a
higher failure stress will result. It can be seen from Figure 2.31 that s/w<s0/w was in the
initial mated position but then it equalled and exceeded s0/w as shear displacement
proceeded. As no analytical solution exists for such constrained modes of failure, a
numerical approach was adopted to extend the analytical solution for unconstrained
failure to cases where a limited slope length to load width ratio exists.

Figure 2.31 – Determination of the ratio s/w in mated and displaced positions. (Seidel &
Haberfield 2002)
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Numerical analyses to determine the ratios of slope to load width in excess of s0/w;
were found to agree with the analytical solution. On the basis of these analyses, a
constrained failure correction factor k; was defined to relate failure stress qc to
Sokolovsky’s failure stress for a long slope, qf (k =qc/qf ):
s 

k = 0.85 exp 0.16 0  for s < s0 and k = 1 for s ≥ s0
s


(2.75)

In order to validate that the Sokolovsky solution (with correction if necessary) was
appropriate to model asperity failure, Seidel & Haberfield (2002) used their approach to
predict the global shear stress at failure τf ; of triangular asperity joints. For the purposes
of this validation, a simplified rigid asperity model was adopted. The interfaces were
assumed to comprise regular symmetrical asperities of angle θ; and half-length λ
(Figure 2.32). The initial global normal stress was designated σno; and the global
stiffness K. On the basis of the preceding argument, asperities will fail when the local
stress is equal to the ‘‘constrained’’ failure stress qc; computed by the corrected
Sokolovsky solution.

Figure 2.32 – Simplified rigid asperity model for slope stability analysis prediction.
(after Seidel & Haberfield 2002)
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At the failure shear displacement xf ; the joint dilation ψ; for the rigid asperity is given
by ψ = xf.tanθ and the global normal stress σn = σno + K xf.tanθ. The global failure
shear stress from the frictional asperity sliding model τf; is given by τf = σntan(φb + θ).
At failure, the local stress perpendicular to the face of the asperity σnl, can be
determined as:

σ nl = (σ no + Kx f tan θ ).[cosθ + sin θ tan(φb + θ )]

2λ
λ − xf

(2.76)

Defining a shape factor ζθ = cosθ+sinθ.tan(φb + θ) and equating the local stress and the
normal component of the corrected Sokolovsky failure stress σcr, allows the failure
shear displacement to be obtained as:
xf =

λ (σ cr − 2ζ θ σ no )
σ cr − 2λζ θ K tan θ

(2.77)

The global failure shear stress τf; can then be computed as:

τ f = tan(φb + θ )(σ no + Kx f tan θ )

(2.78)

The later authors stated that the predicted peak shear stress values are within 5-10% the
experimental values, which is considered to be within the expected scatter of
experimental results.
Deformation has not been taken into account in this simple model. Dilation in the shear
test will be reduced by asperity elastic compression. This results in a slower
development of normal and shear stresses than the ideal rigid assumption. Seidel &
Haberfield (2002) stated that experimental evidence confirmed that contact lengths at
failure were shorter than those predicted by the simple model.

Chapter 2 – Shear behaviour of unfilled and clean joints

63

Post-peak behaviour
According to Seidel & Haberfield (2002), the Sokolovsky closed-form solution was also
convenient because it defined the geometry of the failure surface (Figure 2.30). It
follows that all the material bounded by the failure surface, the slope, and the loaded
portion of the crest ,will simultaneously reach failure and residual strength. However,
the rigidity of the opposing asperity, which imposes a crest load, superimposes a
kinematic constraint on the failure mechanism ensuring that the failure surface will
emanate from the rear of the applied load. They also observed that the development of
the curved failure surface on profiles comprising only regular triangular asperities as
shown in Figure 2.33a, were reasonably predicted by Sokolovsky closed-form solution.
However, they also stated that further shear displacement did not occur on the curved
surface, but rather on a cord linking the intersection points of the initial failure surface
with the leading and trailing asperity faces (see Figure 2.33 a and b). The inclination of
this chord is defined in Sokolovsky’s solution by the angle of the slope and s0/w.
Post-peak friction angle
Seidel & Haberfield (2002) examined video records after some post-peak displacement,
and observed relative motion of the zone of granular material with respect to the intact
rock, and of the opposing intact asperity with respect to the granular zone. Figure 2.33c
shows this relative post-failure movement.
Considering the movement on the post-peak shear plane (angle β) denoted as εdx, the
movement between the opposing asperity and the compressed granular material (angle
θ) is, therefore, (1-ε)dx. The following equations could then be established:

ε=

tan(φb + θ )
tan(φb + θ ) tan(φb + β )
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(a) Post-peak shear failure

(b) Post-peak shear displacement

(c) Relative sliding movements of failure wedge.

Figure 2.33 – Schematic representations of post-peak behaviour. (after Seidel &
Haberfield 2002)
The authors used an energy approach to propose the following expressions:

τ 1 = σ n (ε tan β + (1 − ε ) tan θ )

(2.80a)

τ 2 = τ tan φ tan β

(2.80b)

τ 3 = σ n tan φ

(2.80c)

τ=

σ n {tan φb + ε tan β + (1 − ε ) tan θ }
[1 + tan φb tan β ]

(2.80d)

and substituting Equation 2.79 yields
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τ=

σ n {tan(φb + θ )(tan φb + tan β ) + tan(φb + β )(tan φb + tan θ )}
[1 + tan φb tan β ][tan(φb + θ ) + tan(φb + β )]
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CHAPTER 3
3.

3.1.

SHEAR BEHAVIOUR OF INFILLED JOINTS

INTRODUCTION

Although a considerable amount of data on the shear behaviour of rock joints has been
published, most of these studies were limited to unfilled-clean joints. Owing to a lack of
research, it has been common practice to assume that the shear strength of an infilled
joint is equal to the infill material alone, regardless of its thickness. This assumption
may lead to either uneconomical or unsafe designs. Patton (1968, in Kanji 1974) stated
that such an assumption may not be valid and that the shear strength along the soil-rock
interface may be lower than either material alone.
Parameters such as the scale effect, pore pressure drainage, and consolidation ratio may
influence the shear strength of filled joints, but this still needs to be better understood.
The most obvious effect of an infill is to separate the discontinuity walls and reduce
eventual rock-to-rock contact. However, the shear strength will be affected by the type
of filling material and the characteristics of the wall-fill interfaces.
The filling material may sometimes act as cement, healing the joints, and in such cases
it is rarely regarded as a joint. In other cases the fill material may consist of partially
loose to completely loose cohesionless soil deposited in open joints between the two
surfaces. It may also be the result of weathering and decomposition of the joint walls
itself. Accordingly, filling material can be divided into the following categories (Lama,
1978):
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Loose material brought from the surface such as sand, clay etc.;



Deposition by ground water flow containing products of leaching of calcareous or
ferruginous rocks;



Loose material from tectonically crushed rock;



Products of decomposition and weathering of joint.

Based on the mechanistic point of view, infill types found in joints can be reduced to the
following 4 basics groups, in spite of the high complexity seen in natural fillings
(Ladyani & Archambault, 1977):


Clean, i.e. unfilled or without coating;



Coated;



Clay-like infilling;



Sand-like infilling.

According to Ladanyi & Archambault (1977) the effect of infill type and pore water
pressure on the shear behaviour of infilled joints can be summarised as follows:
(1) The failure envelope for most filled joints is located between the infill and a similar
clean joint;
(2) The stiffness and strength of filled joints slowly decreases with increasing thickness
of the filling material, but even with 100% of filling thickness (i.e. the ratio between
the infill thickness and the asperity height, t/a = 1) they remain higher than those of
the filling alone;
(3) The stress – displacement curves of filled joints often have two portions, one
reflecting the deformability of the filling before rock-to-rock contact, and another
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reflecting the deformability and failure of both filling and rock irregularities in
contact;
(4) The dilation rate at peak stress decreases with increasing normal pressure to become
negative (contraction) at high normal stresses;
(5) The strength of a filled joint does not always depend on the thickness of the infill
except when the joint walls are flat and smooth, or covered with a coating with a
very low coefficient of friction, which shear plane is always located at the fillingrock interface;
(6) Swelling clay is considered to be one of the most dangerous gouge materials found
in joints due to its loss of strength from swelling and high pressure when the
swelling is restrained;
(7) If the wall of the joints is weathered, the shear strength of the joint can be
approximately described by Patton’s (1966) bi-linear strength envelope in which
both asperity angle “i” and the strength of the rock decreases with the degree of
weathering.
Barton (1974) described the role of infill by considering 4 groups of thicknesses:
a. Low infill thickness, where almost immediate rock-to-rock contact asperity occurs
when normal stress across the contact points is high enough to dispel the clay in
these critical regions. A slight reduction in the dilation component of the peak
strength may be more than compensated for an “adhesive” action of the clay infill in
these critical regions. The shear strength will not vary much from unfilled strength
because the rock-to-rock contact area at peak strength is always small. Dilation due
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to rock-to-rock contact will cause negative pore pressure to develop in filling if
there is a fast shearing rate.
b. Larger shear displacement will be required in order to develop the same amount of
rock-to-rock contact (as describe in “a“) for slightly higher thicknesses. The dilation
component at peak strength is greatly reduced since the new position of the
asperities at peak stress is similar to the asperity arrangement of an unfilled joint at
its residual strength. No negative pore pressure developed because of this reduced
dilation.
c. No rock-to-rock contact expected anywhere, but there will be a build up of stress in
the filling where the adjacent rock asperities come close together. With a high
shearing rate there will be an increased pore pressure in the highly stressed zones
which will cause lower shear strength, but if the shear rate is lower, consolidation
will take place and the pore pressure will dissipate to low stress pockets on both
sides of the consolidated zones. The net result will be a marked increase in shear
strength, similar to a fast shearing.
d. When the infill thickness is several times the asperity amplitude, the influence of the
rock walls will disappear. Provided that the filling is uniformly graded and
predominantly clay or silt, the shear strength is governed by straightforward soil
mechanics principles.
Lama (1978) stated that the thickness of the fill material may vary from that of a few
dispersed particles (fractions of a micron) to several millimetres, and in the case of
tectonically crushed zones, to several metres.
The thickness of the infill material of planar joints does not play a significant role on the
shear behaviour as long as the infill particles are much smaller than the thickness, so
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that their movement and rearrangement during shear are not constrained by the joint
walls. Therefore, the frictional behaviour of the joint would be that of the fill material.
However, Kanji (1974) demonstrated that the strength of infilled joints can be smaller
than the soil alone, in which case failure preferably occurs at the contact between the
soil and the rock.

Figure 3.1 – Four categories of discontinuity filling thickness. (Barton 1974)

3.2.

FACTORS CONTROLLING INFILLED JOINT SHEAR STRENGTH

According to de Toledo & de Freitas (1993) there are eight basic parameters to be
considered when dealing with the shear strength of infilled joints. Some are related to
the joint itself and some to the test equipment and the particular problems under
consideration (Table 3.1).
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Table 3.1 - Parameters controlling the shear strength of infilled joints (de Toledo & de
Freitas 1993)

Material Parameters

Infilling properties

Drained shear strength
Undrained shear strength
Stiffness

Density
Mineralogical composition
Grain size distribution
Degree of saturation
Grain bonding
Clay structure

Infilling thickness
Joint stress history

Rock properties

Normal stress
Shear stress
Shear displacement
Shear strength
Tensile strength
Permeability

Rock type
Degree of weathering
Degree of saturation

Joint wall roughness
Orthogonal joints

Spacing
Hydraulic conductivity

Equipment Rate of shear
parameters Stiffness of the shearing equipment

de Toledo & de Freitas (1993) pointed out that the following aspects should be noted:
(a) Besides the properties of the constituent materials, the infill thickness is perhaps the
most important parameter controlling the strength of a joint.
(b) In any particular engineering problem, the decision on which type of shear strength
should be considered for the infilled joint, i.e. drained or the undrained, cannot be
based only on the rate of loading and permeability of the infill. The dissipation of
pore pressure developed under shear loading is extremely sensitive to the boundary
conditions provided by the rock. Unlike soil masses, and regardless of its
permeability, the drainage of pore water pressure in a seam of infilling material can
occur much more quickly if either the rock is permeable or the spacing of the joint
sets orthogonal to the surface of shear is small. However, if the rock is impermeable
the dilation imposed by the asperities during shear may generate a negative pore
pressure that can contribute to a transient increase in strength.
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(c) Another parameter is the boundary condition defined by the roughness of the joint
wall.
(d) In some cases the stiffness of the filler under shear can affect the strength of the
joint because the problem deals with two materials with different mechanical
properties. The role of the infill is not only to weaken the joint but also to impose a
failure mechanism different from that of the unfilled joint or the infill alone.
(e) The test apparatus normal stiffness is also relevant for interpreting the results.
3.2.1. Infill type and thickness
Besides the properties of the constituent materials, the infill thickness is perhaps the
most important parameter controlling the strength of a joint. Several studies show that
the thicker the infill the lower the shear strength, up to a boundary value where it no
longer varies. When the thickness of the infill is higher than the asperity height, its shear
strength seems to prevail. However, as mentioned earlier, in some cases the joint
strength can be smaller than that of the infill alone.
Due to the important role of the t/a ratio (infill thickness/asperity height), several studies
that focused on this parameter were conducted, basically testing different values of t/a
and for different materials.
Goodman (1970) presented a series of direct shear test results and stated that the
strength of the joint was greater than that of the infill alone up to a relative thickness
(t/a) of 1.25.
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Figure 3.2 – Shear strength of mica infilled joint under σ=746 kPa (after Goodman,
1970).
Ladanyi & Archambault (1977) also confirmed the results obtained by Goodman (1970)
(Figure 3.3). Even at a 100% t/a ratio the strength was still 10% to 50% higher than the
infill alone. They also suggest that the steeper the asperity, the higher will be the shear
strength and the increase in shear strength with decreasing t/a will be more pronounced.
All the envelopes fall between the infill and the clean joint (Figure 3.4). They also noted
that all stress-strain curves were originally concave, which shows a locking character of
such joints at small strains. Within the small strain range, the clay is sheared and
extruded until the stresses are transferred to the rock teeth. At a shear displacement of
about 2.5 mm (see Figure 3.3b), the joint either yields or breaks. Yielding joints show a
peak stress at about 7.5 mm of shear displacement. According to the authors, this is
probably because the clay yields along the surface of the inclined teeth at small
displacements and then, when the displacement increases, the stresses are concentrated
on the teeth which causes asperity breakage and peak shear stress. This behaviour is
limited, however, only to medium thick fillings. For very thin, and very thick fillings,

Chapter 3 – Shear behaviour of infilled joints

74

respectively, there is only one peak because in the former the teeth start breaking
immediately, whereas in the latter they do not break at all.

(b)
(a)
Figure 3.3 – (a) Effect of thickness of clay filling on the shear strength of the joint under
σ = 8.69 kPa. (b) Shear deformability of clay-filled joints for i0 = 30º and σ = 8.69 kPa
(Ladanyi & Archambault 1977)

Figure 3.4 – Shear envelope of clay infilled joint for i0 = 30º at different t/a ratio
(Ladanyi & Archambault 1977)
Lama (1978) presented a series of laboratory tests performed on replicas of tension
joints filled with kaolin, in which hard gypsum was used to simulate the rock. He
concluded that in some instances the strength of the joint reached that of the soil for t/a
ratio smaller than one.
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Figure 3.5 - Variations in shear strength of kaolin infilled tension joints with increasing
t/a ratio (after Lama 1978)
Phien-wej et al. (1990) presented direct shear tests on toothed gypsum samples filled
with oven dried bentonite. Their results indicated that the strength of the joint equalled
the infill when the t/a ratio approached 2.
Papaliangas et al. (1993) conducted a detailed testing program on plaster cement
modelled joints filled with kaolin, marble dust, and pulverised fuel ash (PFA). The
results suggested that the strength of the joint became constant at a t/a about 0.6 for
kaolin infilling and for marble dust or PFA at a t/a ratio between 1.25 - 1.50. They
stated that the peak shear strength mobilised at different shear displacements, according
to the t/a ratio. The peak stress for very thin infills was sharp and occurred after a small
shear displacement but was less well defined for intermediate t/a ratios and generally
occurred after larger displacements (Figure 3.7). Moreover, a two portion shape could
be noted on their results for intermediate thicknesses. The residual shear strength also
decreased with an increasing t/a ratio but with a less pronounced effect (see Figure 3.8).
With normal displacement the joints dilated for thin infills but compressed for thicker
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infills. When the t/a was between 0.2 and 0.3 the peak dilation angle started to become
negative and no dependence on the normal stress could be seen (Figure 3.9b).

Figure 3.6 - Effect of infill thickness on shear strength and dilation angle (Phien-wej et
al. 1990)
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Figure 3.7 – Representative shear strength – shear displacement graphs for different t/a
ratio (Papaliangas et al. 1993)

(a)

(b)

Figure 3.8 – Effect of infill thickness on peak and residual strength (Papaliangas et al.
1993)
To investigate this de Toledo & de Freitas (1993) conducted a series of shear tests using
clay-infilled toothed sandstone joints. They discovered there were two distinguished
portions of the shear-displacement curves, which could be attributed to the peak
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strength of the soil and the rock strength respectively. The following observations were
also made:
(a) there was no discontinuity in the reduction of soil peak shear strength with
increasing t/a.
(b) the peak strength of rock was the same regardless of the pre-consolidation stress
applied to the infill but when the relative thickness was equal to 1 the peak strength
was greater than that of soil alone.
(c) at the boundary of a infill thickness tending to zero, the rock peak envelopes do not
always clearly tend towards the strength of the unfilled joint.

(a)
(b)
Figure 3.9 – (a) Representative normal displacement – shear displacement curves with
different t/a ratios. (b) Effect of infill thickness on peak dilation angle. (Papaliangas et
al. 1993)
de Toledo & de Freitas (1993) suggested that when the relative thickness is greater than
unity, the joint strength may sometimes be considered equal to but not greater than the
soil alone. A combined analysis of their results suggested that the shear strength of an
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infilled joint equal the infill at different t/a ratios, depending on whether the infilling
material is a clay or a sand.
de Toledo & de Freitas (1993) also stated that different results could be expected than
those obtained by Ladanyi & Archambault (1977). In their tests the strength of the
kaolin was determined by using a very thick filling. This, associated with the undrained
conditions prevailing during the shear phase (shear rate = 1.27 mm/min) may have
induced the development of pore pressure. In such cases the failure surface is prone to
occur in the centre of the infill and, hence, far from the solid boundaries where some
drainage may have occurred. However, when joints with a relative thickness (t/a) of less
than 1 were sheared, the failure surfaces were necessarily close to the rock boundaries,
and even touched the rock walls at some points. For these cases, the average soil
strength was higher than in the previous tests. When the rock joint dilated the negative
pore-water pressure that could have developed may cause an increase in the total
strength of the clay. In comparison to Lama’s (1978) results, an equivalent behaviour
would be expected because kaolin was also used as the infill material. However, a much
slower shear speed and a tensile fracture instead of a toothed profile may have favoured
the equality of the joint strength to that of the soil when the t/a ratio was close to one.
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Figure 3.10 – Shear strength and dilation of clay infilled sandstone under σ = 1000 kPa
(de Toledo & de Freitas 1993)
Indraratna & Haque (2000) also performed direct shear tests under CNS on two types of
bentonite infilled joints (type I with io=8.5º and a = 2.5 mm, and type II with io =19.5º
and a = 5.0) trying to simulate soft rocks with gypsum plaster.
The test results for the joints type I showed a significant drop in shear stress in
comparison with unfilled joints, due to the addition of a thin infill layer (1.5 mm). This
drop becomes more pronounced with increasing infill thickness. At low initial normal
stress levels (e.g σno = 0.30 MPa), the shear stress and normal stress were relatively
unchanged at large shear displacements where the infill thickness was close to the
asperity height (i.e. t/a = 1). This indicated that the effect (contact) of the asperities was
reduced and the shear behaviour was mainly controlled by the infill material. A decrease
in normal stress associated with the compression of the infill was also noted.
Nevertheless, the slight dilation noted on Figure 3.11g indicates that the asperities still
affect the joint shear behaviour at large displacements. With a further increase in infill
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thickness (t/a>1), the shear peak was attained at smaller displacements. Even at higher
σno the shear behaviour for t/a>1.0 was mainly governed by the infill and no dilation
was seen. Indraratna & Haque (2000) then concluded that the change from dilation to
compression occurred when the critical t/a ratio was exceeded.
The results obtained by de Toledo & de Freitas (1993) revealed no clear distinct peaks
(one due to the soil infill and the subsequent one due to the natural rock asperities).
There was only one peak that could be associated with both materials, depending on the
t/a ratio. The authors explained that the difference between the possible two peaks was
expected to be small because a soft rock was simulated. Type II joints acted in a similar
manner.
To demonstrate the effect of infill thickness on the horizontal displacement, Indraratna
& Haque (2000) presented Figure 3.13. It is clear that a sudden drop of δp occurred
when the t/a is greater than the critical ratio.
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Figure 3.11 – Shear behaviour of Type I (i0=8.5º) infilled joint (Indraratna & Haque
2000)
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Figure 3.12 – Shear behaviour of Type II (i0=19.5º) infilled joint (Indraratna & Haque
2000)
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Figure 3.13 – Effect of infill thickness on horizontal displacement corresponding to
peak: (a) joint type I. (b) joints type II. (Indraratna & Haque 2000).

(a)

(b)

Figure 3.14 – Effect of infill thickness on stress-path behaviour: (a) joint type I. (b)
joints type II. (Indraratna & Haque 2000)
The effect of infill thickness on the stress-path was also discussed by Indraratna &
Haque (2000). The results indicated that once the critical t/a ratio for a given value of
normal stress (σno) was exceeded the corresponding stress-path plot indicated a
reduction in normal stress and an early increase in shear stress, followed by a decrease
under CNS conditions. If the critical t/a ratio was not exceeded the stress-path plot
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showed an increase in normal stress until the asperities were sheared and the shear stress
increased at a significant shear displacement. It was also noted that as the t/a increased
the band width of the stress-path plot (i.e. the extension of variations of shear and
normal stress) decreased, which represents a reduced dilation or increased compression
of the overall joint.
Jayanathan (2007) presented the effect of infill thickness on the shear envelope. As
expected the angle of shearing resistance decreased sharply with the addition of a thin
layer of infill when compared with a clean joint (e.g. 16° for a joint with t/a=0.5). The
shear strength envelope of joints with a thicker infill tended to reach that of infill alone,
and the points of peak shear strength corresponding to the normal stress for joints with
varying t/a ratio fall between the strength envelopes of the clean rock joint and the infill
alone.

Figure 3.15 – Effect of infill thickness on shear envelope for a saw-toothed clay infilled
joint. (Jayanathan 2007)
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3.2.2. Effects of surface roughness
Besides the thickness of the fill material, the resulting loss of strength due to the fill
material seems to be a function of the surface roughness and the particles, or the clay
mineral present in the soil.
According to de Toledo & de Freitas (1993), the joint boundaries affect the strength of a
joint in two ways. Sliding may occur along the contact of clay-infilled joints due to
particle alignment, whereas the rolling of grains in sand seems to reduce the strength
when compared with the infill alone.
The later authors also stated that the magnitude of surface roughness depends on the
size of the particles in the soil. In a simple form, the rock boundary may begin to be felt
when the surface of sandy material is smoother than its roughness because of a reduced
dilation, when defined by its particle size distribution. Figure 3.16 depicts this
mechanism. In Figure 3.16a when the surface is rough enough to prevent movement of
the sand-rock contact, a sliding friction will take place, whereas in Figure 3.16b the
grains can rotate along the boundary, and only rolling friction may be observed.
In clay-infilled joints, the surface effect may reduce the joint strength at much lower
levels of roughness. In this case even the porosity of the rock may play a role by being
able to obstruct the continuity of particle alignment (Figure 3.17).
After several laboratory tests under different contact conditions (soil-rock and
“sandwich”), Kanji (1974) concluded that the reduction in shear strength at the contacts
may be up to 20% of the joint peak strength and as much as 50% for the joint residual
strength, with respect to the soil alone. He also stated that the smoother the surface, the
smaller is the displacement required to achieve the residual strength value of the
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contact. This may be caused by the flat surface affecting the orientation of the clay
particles along the failure plane.

Figure 3.16 – Rock joint-sand filler contact: (a) rough surface, with small or no
significant influence in joint strength; (b) smooth surface with weakening of the joint.
(after de Toledo & de Freitas 1993)

Figure 3.17 – Polished surface on porous rock and clay filler (after De Toledo & de
Freitas 1993)
Jaynathan (2007) carried out a few tri-axial tests by varying the infill thickness on a
planar joint. He verified that the infill thickness of a planar joint does not play an
important role on its shear strength and pore-pressure development (Figure 3.18), which
agreed with Kanji’s finding.
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Figure 3.18 – Undrained shear behaviour of a planar joint with varying thickness of
infill. (Jayanathan, 2007)
3.2.3. Effects of drainage conditions and development of pore pressure
de Toledo & de Freitas (1993) mentioned in their work that the wide range of rock
permeability found in nature shows that the rock itself may impose a boundary
condition in either extreme of the drainage scale, i.e. fully drained or fully undrained. In
addition, they remarked that in practice, a permeability ratio between the soil and its
country rock higher than 100 or less than 0.01 are usually accepted as the requirement
for those respective drainage conditions. However, free-draining boundary conditions
do not guarantee that pore pressure will not develop because the failure surface of an
infilled joint does not necessarily touch the solid boundary, apart from a small number
of points (Figure 3.19). The shape of the joint controls the average distance that the
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failure surface can be from the draining boundaries, which makes the strength of the
joint dependent on the rate of shear.

Figure 3.19 – Drainage distances in a rough infilled joint (after de Toledo & de Freitas
1993)
de Toledo & de Freitas (1993) stated that even reasonably low speeds cannot guarantee
full drainage of the joint filler. Figure 3.20 shows the influence of the shear rate on the
peak strength of an infilled joint with free draining boundaries and a constant infilling
thickness of 5 mm.

Figure 3.20 – Influence of the shear rate on the strength of infilled joint for t>a (after De
Toledo & de Freitas 1993)
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There are cases, however, where the rock has a very low permeability and the joint
spacing orthogonal to the infilled surface is virtually the only element controlling the
drainage of the filler. Figure 3.21 shows the influence of two sets of free-draining
orthogonal joints, whose spacing is assimilated to an average drainage radius r, for the
time required to achieve 95% of pore pressure dissipation. In some cases the time for
consolidation can be long enough to be conditioned by the undrained strength of the
infill, even at reasonably slow loading.

Figure 3.21 – Time for 95% of pore pressure dissipation of an infilled joint by free
draining joints with different spacings to take place. (after De Toledo & de Freitas
1993)
In order to verify the effect of pore-pressure developing during shearing, Jayanathan
(2007) performed several undrained tri-axial tests on artificial saw-tooth joints with
normally consolidated silty clay as the infill material. The specimen had an asperity
height = 2 mm, asperity angle io= 18º and dip angle of 60º.
Figure 3.22 shows the test results. When t/a<1.0 the infilled joints sheared through the
infill first and when rock-to-rock contact occurred the deviatoric stress increased
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sharply to a peak value and then dropped. The asperity interference (rock-to-rock
contact) of these joints is pronounced, particularly after an axial strain of 1-2%.
However, the axial strain required for pronounced asperity interference increases with
increasing t/a ratio (e.g. comparing t/a = 0.5 and 1.0). Morevoer, the peak shear stress
decreases with an increasing t/a. Several researchers observed a similar variation of
shear stress with shear displacement under drained direct shear conditions (Indraratna et
al., 1999).
The change in excess pore water pressure (∆u) against axial strain was also plotted.
When t/a<1.0 the influence of roughness (asperities) was significant and the overriding
and mating of the surfaces caused overall dilation and compression of the joint,
respectively (Indraratna et al., 2005). As expected, there was an increase in ∆u upon
loading but as the joint dilated ∆u decreased to a negative range (suction). Direct rockto-rock contact during shearing may cause degradation of the asperities and mixing of
gouge with the clay infill. The resulting pore pressure of the mixed infill are often
difficult to interpret. It is clear from Figure 3.22 that when the infill is relatively thin
(e.g. t/a = 0.5), the suction is more prominent for an axial strain exceeding 1% because
asperity overriding in the joints is more pronounced with a thin infill layer compared to
joints with t/a = 1.0. Where t/a>1.0 and where the infill is much thicker, pore water
pressure increases continuously to a peak value and then remains almost constant when
the deviatoric stress attains a plateau at axial strains exceeding 1.5-2.0%. This
associated behaviour is in accordance with the undrained shearing of normally
consolidated infill.
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Figure 3.22 – Effect of t/a ratio and confining pressure on pore-pressure development
and shear strength. (Jayanathan 2007)
With confining pressure where t/a<1.0 the general asperity interference (rock-to-rock
contact) is pronounced, especially after an axial strain of 1-2%. The axial strain required
for pronounced asperity interference decreases considerably with increasing confining
pressure. However, the peak deviatoric stress increases significantly for higher
confining pressures at a reduced axial strain for a particular t/a ratio (e.g. see the curves
for t/a = 0.5). In addition, when σ′3 increases the suction generated in joints with
relatively thin infill (e.g. t/a =0.5) decreases significantly, which can be attributed to
inhibited dilation or the shearing of asperities. Where t/a = 1.0 however, and the
shearing of asperities is less pronounced, the influence of σ′3 on the development of
suction is less significant. For t/a>1.0, under high σ′3, the excess pore water pressure
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There are cases, however, where the rock has a very low permeability and the joint
spacing orthogonal to the infilled surface is virtually the only element controlling the
drainage of the filler. Figure 3.21 shows the influence of two sets of free-draining
orthogonal joints, whose spacing is assimilated to an average drainage radius r, for the
time required to achieve 95% of pore pressure dissipation. In some cases the time for
consolidation can be long enough to be conditioned by the undrained strength of the
infill, even at reasonably slow loading.

Figure 3.21 – Time for 95% of pore pressure dissipation of an infilled joint by free
draining joints with different spacings to take place. (after De Toledo & de Freitas
1993)
In order to verify the effect of pore-pressure developing during shearing, Jayanathan
(2007) performed several undrained tri-axial tests on artificial saw-tooth joints with
normally consolidated silty clay as the infill material. The specimen had an asperity
height = 2 mm, asperity angle io= 18º and dip angle of 60º.
Figure 3.22 shows the test results. When t/a<1.0 the infilled joints sheared through the
infill first and when rock-to-rock contact occurred the deviatoric stress increased
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paths (extent of variation of q and p′) before failure is shortened considerably. Where
t/a>1.0 the stress paths are relatively short because the specimens failed at small values
of q. It was also noted that the stress paths of specimens with t/a>1.0 curved towards the
normally consolidated clay specimen where it was anticipated that the greater the t/a
ratio, the greater the curvature of the corresponding stress path. When the confining
pressure increased the length of the stress path for any given t/a increased once the
infilled joints failed at a higher deviatoric stress.
3.2.4. Effects of overconsolidation ratio
Jayanathan (2007) performed a series of triaxial tests on infilled (clay) rock joints in
order to investigate the effect of over-consolidation on the development of shear
strength and pore-pressure. Limited planar and non-planar tests were also carried out on
unfilled rock joints to separate the effect of the pre-loading of clean joints from the
over-consolidation ratio of the infill material.
As expected there was no effect for unfilled planar joints and unfilled artificial non
planar joints due to pre-loading. However, the effect of increased pre-loading for natural
non-planar joints was reflected by an increase in shear strength (Figure 3.25) and there
was also a shift in the peak shear displacement. The peak shear strength occurred at
lower shear displacements. The effect of pre-loading on the dilation curves (Figure
3.25b), may be explained by the fact that a compression takes place which increases the
interlocking of asperities. This interlocking takes place during the pre-loading
(confining pressure) phase but not for artificial saw-tooth joints because they are
perfectly matched (maximum interlocking).
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Figure 3.24 – Shear behaviour of pre-loaded unfilled artificial saw-tooth joint.
(Jayanathan 2007)

Figure 3.25 – Shear behaviour of pre-loaded unfilled natural joint. (Jayanathan 2007)
Jayanathan (2007) investigated only one value of t/a for planar joints because the infill
thickness was negligible. Figure 3.26 shows that there was an increase in the peak value
of the deviator stress when the OCR changed from 1 (normally consolidated) to 4 but it
remained relatively constant for a higher value of OCR. A shift in the peak value of the
deviatoric stress attained at lower values of axial strain was also noted. On the other
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hand, the pore pressure showed a gradual decrease with increasing OCR and a reverse
shift of its peak value when compared with the deviatoric stress. The deviatoric stress
and pore pressure did not drop after attaining peak stress, which was an expected
behaviour from over-consolidated clays. This indicated that failure may have occurred
through the rock-infill interface.

Figure 3.26 – Shearing of a filled planar joint with varying OCR for σ3 = 500kPa and t =
4mm. (Jayanathan 2007)
Figure 3.27 shows how OCR affected the shearing of a sandstone filled joint. With the
thinnest infilled joint, where there are two peaks corresponding to infill material and
rock-to-rock contact, the effect of OCR is noted mainly by an increase in the first peak
value (soil). Beyond this point the stress-strain curves are practically parallel up to the
deviator stress peak regarding the rock-to-rock contact. Also, the first peak (considered
as the first portion of the curve) value was attained at lower axial strains. The higher the
OCR, the lower the development of positive pore water pressure until it becomes a
negative range (suction) at smaller strains. Where the shearing of the thickest infilled
joint was mainly controlled by the infill material, unlike the planar joint, there was a
drop in the deviator stress beyond the peak. When the OCR was 4 and 8 due to dilation
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within the infill there was a drop in pore water pressure after reaching the peak, which
was expected from over consolidated clays.
There was a similar reaction from artificial saw-toothed joints with the same clay infill
(Figure 3.28).

Figure 3.27 – Shearing of a filled natural joint with varying OCRs at σ3 = 500kPa.
(Jayanathan 2007)
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Figure 3.28 – Shearing of a filled artificial saw-tooth joint with varying OCRs and
t/a=0.5 and 3.5 at σ3 = 500kPa. (Jayanathan 2007)
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Figure 3.29 – Shearing of a filled artificial saw-tooth joint with varying OCRs and t/a
ratio at σ3 = 500kPa. (Jayanathan 2007)

Figure 3.30 – Shearing of a filled artificial saw-tooth joint with varying OCRs and t/a
ratio at σ3 = 200kPa. (Jayanathan 2007)
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3.3.

SHEARING MECHANISMS

According to de Toledo & de Freitas (1993) failure mechanisms can generally be
grouped under two headings: those with filler thinner than the height of asperities and
those that are thicker.
3.3.1. Thickness smaller than the asperity height
There are two basic phases of shearing when the infill thickness is smaller then the
asperity height. The first is controlled only by the strength of the soil. The rock sets the
boundary limits for the soil failure surfaces which are given by the geometry or
roughness of the joint. After some displacement has occurred the two rock surfaces
come into contact and from then on the strength of the joint is governed by the shape of
the asperities and the strength of the rock. Depending on the level of applied normal
stress, dilation caused by one block sliding over the other may occur and be followed by
breakage of asperities, as normally happens in unfilled joints.
As noted in Figure 3.29 and 3.30, when shearing begins shear stresses rapidly build up
(i.e. at small axial strains) to a first peak strength, which was earlier referred to as the
soil peak. During this phase, depending on the infill material and normal stress applied,
there is a small compression followed by dilation. A possible failure mechanism for this
first phase was proposed by de Toledo & de Freitas (1993) (Figure 3.31). An inclined
straight line within the infill is considered as the failure surface which deflects upward
after reaching the soil-rock interface. As shearing proceeds the soil above the failure
surface has to be squeezed out of position to fill the space generated on the unloaded
side of the joint. The second phase begins after the rock walls come into contact where
the stress-strain curves becomes steeper.
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Figure 3.31 – Mechanism of infill failure for small thickness. (de Toledo & de Freitas
1993)
de Toledo & de Freitas (1993) stated that in the first phase, when only the soil is being
sheared, it seems that shear occurs under a constant volume provided by the possibility
of soil flowing from the loaded area to the unloaded area. In such a process a complex
pore-water pressure pattern is expected. In the loaded zone positive pore-water-pressure
develops unless the filler is highly over-consolidated, whereas suction may occur in the
unloaded zone. When the asperities make contact the joint dilates much more so unless
the rock fails, it will develop much higher negative pore-water pressure. An increase in
shear strength can even happen in the first phase of the rupture mechanism.
3.3.2. Thickness greater than asperity height
When the filler is thicker than the asperity height the joint can fail through a continuous
surface not intercepted by the asperity. Thus the shear strength of the joint could be
equal to the soil alone. However, soils are not perfectly homogeneous so in principle,
the smaller the opening, the smaller the likelihood of a single continuous weak surface
controlling the failure. Therefore, as the difference between the infill thickness and the
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asperity height (t-a) approaches zero, the expected shear strength tends to increase
above that of the soil alone (de Toledo & de Freitas 1993).
In addition, the difference in stiffness between the rock and the soil facilitates a
progressive failure. Figure 3.32 shows the distribution of potential displacement
generated by a horizontal point force applied along vertical sections in the infill passing
through the tips of the asperities while the rock samples remain fixed. The infill in a
regular rock joint cannot deform uniformly in the direction of the shear and this lack of
uniformity is more severe close to the tips of the asperities where stress concentrates
and aids the failure surface to develop. Hence, the failure surface tends to start close to
the tips and edges of the roughness and to propagate to the rest of the infill, resulting in
a shear strength that is lower than the soil alone. This reduction in stress is a function of
the shape of the stress displacement curve of the soil after the peak stress, and will be
greater for those materials that exhibit a greater strain-softening. However, the
difference in shear displacement between points close to the asperity tips and in the
middle of the infill seems to be too small for it to be of any practical significance (de
Toledo & de Freitas 1993).

Figure 3.32 – Stress concentration for thickness greater than asperity height. (De Toledo
& de Freitas 1993)
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Indraratna & Haque (2000) estimated the profiles of the shear planes from the dilations
corresponding to the horizontal displacements for a set of CNL tests conducted under
σno = 0.56 MPa (Figure 3.33). Here the shear plane passed through the asperity and the
infill for thickness smaller than critical, touched the crown for thickness near the critical
and above that it only passes through the infill.

Figure 3.33 – Half of the asperity surface and shear plane for infilled joint type II
sheared under σno = 0.56 MPa (after Indraratna & Haque 2000)
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3.4.

EXISTING MODELS TO PREDICT SHEAR STRENGTH OF INFILLED

JOINTS
Ladanyi and Achambault (1977) used two approaches to develop a mathematical model
to predict the shearing of clay filled joints (cohesive). One covers the domain where
irregularities remain intact during shearing and irregularities break in the other.
Where no irregularities broke the shear strength was given by:

τp =

cu
+ σ n . tan(φb + i )
(1 − tan i. tan φb )

(3.1)

where i is the peak dilation angle and tan(i)=m.tan(i0), cu is the undrained shear strength
parameter of the clay infill, φb is the basic friction angle or the rock interface.
The parameter m is a reduction factor which varies between 0 and 1, expressed by:
 2  t 
m = 1 −  
 3  a 

2

(3.2)

For irregularities breaking during shear the relationship was given as:
S = m.(R - C) + C

(3.3)

R = σn.tan(φb + i)

(3.4)

C = cu + σn.tan(φu)

(3.5)

where S is the shear strength of the infilled joint, R is the shear strength of the clean
joint and C the shear strength of the infill.
In the later domain the dilation angle i, is the peak dilation angle for the clean joint and
is given by:
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1


4


σ

n
tan(i ) = 1 −    tan(i0 )
  σc  



(3.6)

where σc is the compressive strength of the intact rock and io the initial asperity angle.
Where no asperities broke the factor m was used to reduce the final peak dilation angle
of the joint due to infill whereas in the second domain it was used to reduce the
subtraction of the shear strength of the clean joint and of the infill material.
Ladanyi and Achambault (1977) found that the second domain of their model was valid
only for the following limits:

σ 
30º ≤ i0 ≥ 45º and 0.1<  n  ≤ 0.5
σc 
Lama (1978) proposed a logarithmic relationship for the prediction of the shear strength
of a clay-infilled joint based on laboratory investigations. His proposed empirical
relationship was represented by:

τ p = 7.45 + 0.46σ n − 0.30 ln(t )σ n 0.745

(3.7)

where τp is the peak shear strength (kPa), σn is the normal stress (kPa) and t is the
thickness of the infill material (mm).
This proposed equation does not contain any term describing the roughness of the joint
so it is only applicable to the specific joint tested.
Phien-wej et al. (1990) presented an empirical equation based on laboratory results to
determine the strength of the infilled joint (Figure 3.34). They stated that the shear
strength envelope for low asperity angles is linear and becomes bi-linear at higher
asperity angles. The joint behaviour was similar to that of the infill alone when t/a ratio
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reached 2. The shear displacement to attain peak strength was greater for thicker infills
so they proposed the following expression base on these findings:

τ p τ o k1  t  k  at 
=
−  e
σn σn σn  a 
2

(3.8)

where τp is the peak shear strength of the infilled joint (kPa), τo is the peak shear
strength of the clean joint at same normal stress (kPa), σn is the normal stress (kPa) and
k1 and k2 are empirical constants that vary with surface roughness and applied normal
stress.

Figure 3.34 – Empirical model for the peak shear strength of infilled joints (after PhienWej et al. 1990)
The relationship proposed above established a decrease in peak shear strength as a result
of the presence of a filling material, compared to the respective clean joint.
Papaliangas (1990) incorporated an approach proposed by Ladanyi & Archambault
(1977) and then proposed a simple empirical model for predicting the peak shear
strength of infilled joints. They stated that the shear strength falls between two limits,
Tmax which is the maximum shear strength of the unfilled joint and Tmin the minimum
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shear strength for a critical thickness which varies with the thickness (t) type of infill,
roughness of the rock surface, and normal stress. They suggested that for rough, steep,
undulating joints it is reasonable to assume Tmin equal to the shear strength of the infill
alone, but for planar or smooth slightly undulating joints Tmin would be equal to the
strength of the interface if lower than the soil infill (φb<φsoil). Based on these
considerations they expressed the peak shear strength as a percentage of stress ratios, as
follow:

µ = µmin + (µ max − µ min )n

(3.9)
m

where µ =

 1  t 
τ
τ
τ
x100 , µ max = max x100 , µ min = min x100 , n = 1 −   , c and m are
σ
σ
σ
 c  a 

experimentally derived constants. Where 0 ≤ t/a ≤ c, t is the mean thickness of filling
material and a is the mean roughness amplitude of the discontinuity.
The constant c is defined as the t/a ratio at which minimum shear strength is reached,
and it depends on the properties of the infill material, normal stress, and the roughness
of the discontinuity surface. For the series of tests performed by Papaliangas et al.
(1993), c and m values are respectively considered as 1.5 and 1 for peak. Similar values
were also proposed by Ladanyi & Archambault (1977). For t/a=0, µ = µmax which gives
the shear strength of a clean joint. For t/a>c, µ = µmin which should be taken as the
lowest strength between the filling material and the interface. Figure 3.35 shows the
proposed model.
Rather than describing the drop in shear strength caused by the filling material, the
authors introduced the concept of percentage of stress ratios for the two basic
components of the shearing mechanism, the rock interface which is described by either
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µmax (clean joint) for non-planar joints or µmin for planar smooth joints, and the infill
material by µmin. The major disadvantage of this model is that it requires an evaluation
of the constant for various t/a ratios in advance, while the effect of the basic friction
angle φb, the soil friction angle φsoil and dilation angle are not explicitly defined.

Figure 3.35 – Proposed empirical model for the peak shear strength of infilled joints
(after Papaliangas. 1990)
de Toledo & de Freitas (1993) proposed a general model based on experimental
observations described in Figure 3.36 for predicting the shear strength of an infilled
joint with various infill thicknesses. The authors used a similar approach to Nieto (1974)
to describe the infill-rock joint interaction as interlocking, interfering, and noninterfering. Interlocking occurs when the rock surfaces come in contact during shearing,
interfering when there is no rock contact but the strength of the joint is greater than the
infill alone, and non-interfering when the joint behaves as the infill itself or as the rock
interface if it is a planar joint with φb<φsoil.
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Figure 3.36 –Strength model for infilled rock joints (de Toledo & de Freitas 1993)
The limit between the interfering and non-interfering regions was defined as a critical
thickness tcrit beyond which the joint is generally governed by the infill alone. They
stated that this critical thickness is a function of the infill material grain size, asperity
angle, and height. Hence, sandy soils and any material representing granular behaviour
tend to have a critical t/a ratio greater than unity. On the other hand, clays present a
critical t/a ratio of unity or less.
The joint roughness controls the magnitude of the critical t/a ratio. Idealised toothed
joints tend to have a higher critical thickness than tensile fractures, as do small joints
compared with large ones, because the greater displacement required for rock contact to
occur, the easier for the infill to achieve peak strength before rock interference.
Experimental evidence shows that a critical t/a ratio up to 2 is applicable when granular
fills are sheared in toothed joints whereas they may be just above unit when tensile
fractures are tested. In the case of clay fill, toothed joints give a critical t/a ratio of unity,
which may be as low as 0.6 for tensile fractures.
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The double peak phenomenon was observed by de Toledo & de Freitas (1993) for a t/a
ratio of less than one with over consolidated infills. Under these circumstances the infill
initially reaches peak shear strength and with continued shear displacement the rock
asperities come in contact, generating a second peak shear stress. The authors stated that
the incipient soil peak detected for normally consolidated was higher than expected,
maybe as a consequence of the low stiffness and extra work that has to be done as the
clay is squeezed between approaching rock asperities (de Toledo & de Freitas 1995). If
an infilled joint is made of weak rock or artificial material, the difference between the
rock peak and the soil peak may sometimes go unnoticed. Another factor that may
contribute to an unclear double peak phenomenon is a small difference between the
basic friction angle of the rock contact, φb, and soil friction angle, φsoil.
It is important to highlight a few key aspects of this proposed general behaviour model.
This model is similar to the model proposed by Papaliangas (1990) in that it attempts to
describes the behaviour of an infilled rock joint as a combination of a fraction of the
strength of the rock (unfilled) and the filling material. Unlike the previous model, the
authors argued that the intercept between the rock peak envelope of an infilled joint for
a thickness tending to zero is lower than the strength of the clean joint for a given
normal stress. The authors also proposed that the intercept of the soil peak was affected
by the initial asperity angle (β).
Indraratna et al. (1999) suggested an approach similar to Phien-wej et al (1990), based
on a series of experiments under CNS to describe the peak shear strength of infilled
joints in terms of its drop due to the presence of the infill. The authors defined the
concept of normalised shear drop (NSD) as a reduction in peak shear stress with respect
to peak shear stress for clean joints, divided by the initial normal stress (∆τp/σno). The
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change in NSD with t/a ratio was plotted and it is proposed that this behaviour is fitted
by a hyperbolic relationship as following:
NSD =

t/a
α (t / a ) + β

(3.10)

where α and β are constant depending on σno and surface roughness.
The authors suggested that the hyperbolic parameters α and β can be easily determined
by a linear relationship if the vertical axis is transformed as demonstrated in Figure
3.37c. The peak shear strength is then expressed:

(τ )

p filled

= (τ p )unfilled − ∆τ p

(3.11)

The (τp)unfilled can be expressed by Equation 2.72d and ∆τp substituted by the hyperbolic
relationship resulting in:

(τ )

p filled


2πhτp
k a
= σ no + . 0 + a1 cos
A 2
T


  tan(φb ) + tan(i0 ) 


t/a
.
−


σ
no

  1 − tan(φ ). tan(i ) 
(
)
+
α
t
/
a
β


b

 
τp


(3.12)

where hτp and iτp are the horizontal displacement and the dilation angle corresponding to
peak stress respectively, kn is the boundary normal stiffness, io is the initial asperity
angle, σno is the initial normal stress, φb is the basic friction angle of rock interface, A is
the joint surface area, a0 and a1 are Fourier coefficients, T is the period of the Fourier
Transform, t/a is the infill thickness to asperity height ratio and α and β are the
hyperbolic parameters as defined earlier. This expression only considered two harmonic
cycles.
Indraratna et al. (1999) also stated that beyond a certain limit, further decrease in NSD
becomes insignificant, or conversely, the infill controls the shear behaviour. It was
suggested that the maximum drop is reached before the function becomes asymptotic at
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1/α. This point is defined by a reduction factor Rf, which defines t/acrit. Beyond t/acrit it
is suggested a cut-off for the NSD as demonstrated in Figure 3.37d. According to the
authors the factor Rf varies from 0.8 to 0.9.
The advantage of the later model is that the shear strength of the clean joint is expressed
in terms of measured physical parameters, using the actual peak shear dilation described
by a Fourier Transform.

Figure 3.37 – Formulation of hyperbolic model for prediction of drop in peak shear
stress due to infill (Indraratna et al. 1999)
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Indraratna et al. (2005) stated that although convenient for predicting the shear strength,
the major disadvantage of the previous model was the need to evaluate the hyperbolic
constants for various t/a ratios and asperity profiles in advance. Moreover, these
constants were often found to be sensitive to the type of infill material and not always
accurate, e.g. for graphite infill.
Indraratna et al. (2005) observed that the normalised peak shear strength of infilled rock
joint falls within a narrow bandwidth (Figure 3.38). In order to account for different
types of infill based on the previous finding, they proposed a new model adopting an
approach similar to Papaliangas (1990), i.e. describing the peak shear strength of
infilled rock joints in terms of fractions of the shear strength of the rock interface and
the soil infill. A normalised shear strength (τp/σn) semi-empirical model was proposed
to describe the peak shear strength of infilled joints by two algebraic functions A and B
with a varying t/a ratio. Figure 3.39 shows the proposed model. The relationship
proposed by Patton (1966) was used to describe the role of the rock surface whose
influence is controlled by a power function. The influence of the soil strength is
controlled by a hyperbolic power function.
This model attempted to explicitly describe the role of the basic friction angle of the
rock interface, φb, the soil friction angle φsoil, and the roughness of the joint by the initial
dilation angle (i), as defined by Patton (1966). The selection of the two algebraic
functions that control the fractions of either rock or infill strengths, was based on the
regions of asperity interference and non-interference, proposed by de Toledo & de
Freitas (1993). Function A, which controls the influence of the rock joint surface,
gradually decreases up to 0 for t/a approaching t/acrit beyond which the shear behaviour
is controlled only by the soil infill. On the other hand the function B increases up to
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tan(φfill) as the hyperbolic power function goes to 1 within the same range. The
interfering range is represented by the sum of the two functions A and B.

Figure 3.38 – Variation of normalised shear strength with t/a ratio (after Indraratna et
al., 2005)
Hence for t/a< t/acrit, in the region of asperity interference the peak shear strength of an
infilled rock joint is described as:

τp
α
= A + B = tan (φb + i0 )(
. 1− k)
σn
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+ tan (φ fill ).
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1 + 
k


β
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where k=(t/a)/(t/a)crit, σn is the normal stress, φfill is the peak friction angle of the infill,
φb is the basic friction angle of the rock, io is the initial asperity angle and the
parameters α and β are empirical constants to define the geometric loci of the functions
A and B with respect to the t/acrit.

Figure 3.39 – Shear strength model for infilled joints showing the role of φb and φsoil
(Indraratna et al. 2005)
For t/a> t/acrit the above expression becomes:

τp
= tan(φ fill )
σn

(3.14)

It is important to verify that any cohesion has been ignored but if necessary, it can be
considered by adding the term cj/σn.
Although this model has the major advantage of explicitly describing the role of the
rock surface and infill material, the need to evaluate the empirical constants for various
t/a ratios in advance, remains. Another aspect is that only the initial asperity angle was
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adopted to fit the empirical constants and for different t/a ratios and normal stresses,
different dilation angles may occur at peak shear stress. As suggested by de Toledo &
de Freitas (1993), the soil peak shear strength might also be affect by the dilation angle,
which was not considered in the present model by function B.
Indraratna et al. (2007) stated that almost all filled or unfilled discontinuities will be in
an over consolidated or pre-load state when exposed at the surface. The authors have
extended the previous model to describe the effect of over consolidation.
Based on laboratory investigations of idealised saw-toothed rock joints it was noted that
when the OCR of the infill increased the critical t/a ratio decreased (see Figure 3.40).
The author initially hypothesised that the critical t/a ratio for an over consolidated infill
could be expressed in terms of the OCR and the critical t/a ratio of the same joint with
normally consolidated infill, such that (t/a)cr,n= f [(t/a)cr,1, OCR], where (t/a)cr,1 is the
critical t/a ratio for OCR = 1, and (t/a)cr,n is the critical t/a ratio for OCR = n.

Normalised shear strength (τ p /σ′ n)

Infill

0

t

i

Clean joint
tan (φb+i)

a

Non-interferring
(t/a) > (t/a)cr,n
OCR = n

OCR = 1

Interfering
t/a<(t/a)cr,n

(t/a)cr,n

(t/a)cr,1

t/a ratio

Figure 3.40 – Conceptual effect of OCR on normalised shear strength model (Indraratna
et al. 2007)
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They also suggested the normalisation of the “x” axis of the normalised peak shear
strength mode. As a result, the interfering zone will be the same independently of OCR
(Figure 3.41). The following ratio was then introduced:

koc.n =

(t a )oc,n
(t a )cr ,n

(3.15)

where (t/a)cr,n is the critical t/a ratio of an infilled joint with an OCR of n, and (t/a)oc,n is
the t/a ratio of a given infilled joint with an OCR of n.
As mentioned earlier, the normalised shear strength model was based on the ratio of
influence of both rock surface and soil infill. Therefore to consider the effect of over
consolidation Indraratna et al. (2007) proposed that the soil infill term could be
normalised using the SHANSHEP method (Ladd & Foott 1974) as following:
log(τ p σ n′ )oc,n = log(τ p σ n′ )oc,1 + α log(OCR )

(

i.e. τ p σ n′

)

oc , n

(3.16)

= (τ p σ n′ )oc,1 × OCRα

(3.16b)

resulting in

(τ

p

σ n′ )oc,n = tanϕ ′fill × OCRα

(3.16c)

For t/a < t/acrit or Koc,n<1, thereby within the interfering zone the new model gives the
following relationship:


τp 
2

  = An + Bn = tan (φb + i ) × (1 − koc ,n )an + tan ϕ ′fill × OCRα × 
1+1 k 
′
σ
oc ,n 
 n  oc ,n


bn

(3.17)

where ϕ′fill is the effective friction angle of normally consolidated infill and an and bn
are empirical constants defining the geometric loci of the functions An and Bn,
respectively
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For Koc,n>1, non-interfering zone, the normalised shear strength is controlled solely by
function Bn.
Although comprehensively predicting the peak shear behaviour of infilled rock joints
with some degree of accuracy, considering the over consolidation effect, the model still
requires an evaluation of the empirical constants an and bn in advance for various t/a
ratios. The parameter α must also be determined in advance from tests for the given
infill under different OCRs.

An = tan(φb + i ) × (1 − koc,n ) n
a

Interfering
koc,n < 1


2
B n = tan ϕ ′fill × (OCR ) α × 
1
1
k oc ,n
+


Normalised shear strength (τ p /σ′ n)

Clean joint

where,

tan(φb + i )






bn

koc,n =(t/a)oc,n /(t/a)cr,n

Non-interfering
koc,n > 1

OCR = n

Bn

OCR = 1

B1
An

A1
0

1

koc,n

Figure 3.41 – Normalised peak shear strength model for over consolidated infilled joints
(Indraratna et al. 2007)

Chapter 3 – Shear behaviour of infilled joints

119

CHAPTER 4
4.

APPLICATION OF THE NORMALISED PEAK SHEAR STRESS
MODEL
4.1.

LABORATORY INVESTIGATION

The normalised peak shear stress model was developed based on direct shear test under
CNS conditions carried out on idealised saw-tooth joints with synthetic rock (Indraratna
et al. 2005). High strength gypsum plaster was used for the simplicity and
reproducibility reasons. In addition, it gives favourable similitude properties of most
sedimentary rock types (Indraratna, 1990). The later version of the model, which
incorporated the effect of over-consolidation (Indraratna et al., 2008), was based on
triaxial tests conducted on idealised joints with the same synthetic rock (gypsum plaster
mixed only with water). Although different filling materials were tested (bentonite, silty
clay, clayey-sand and graphite), the compressive strength that has large influence on
asperities breakage, and the basic friction angle for the rock interface were essentially
the same due to the same gypsum plaster and mix ratio used. Therefore, in order to
further validate the applicability of the model a new set of laboratory tests was carried
out with a different synthetic rock and tension joints.
4.1.1. CNS shear apparatus
The CNS shear apparatus built at the University of Wollongong consists of two steel
boxes, one of size 250 x 75x 150 mm at the top, and the other of size 250 x 75 x 100
mm at the bottom. A set of springs is used to simulate the normal stiffness (kn) of the
surrounding rock mass: kn = dN/dδv, where dN and dδv are the changes in normal load
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and vertical displacement, respectively. Therefore, the units of kn are given in kN/mm.
As shown in Figure 4.1, the top box can only move in the vertical direction along which
the stiffness is constant (8.5 kN/mm). The bottom box is fixed on a rigid base through
bearings and can move only in the shear (horizontal) direction. The desired initial
normal stress (σn) is applied by a hydraulic jack, where the applied load is measured by
a calibrated load cell. The maximum normal load capacity of the apparatus is 180 kN.
The shear load is applied via a transverse hydraulic jack which is connected to a straincontrolled unit. The applied shear load can be recorded via strain meters fitted to a
loadcell. The apparatus has a maximum shear load capacity of 120 kN, and the rate of
horizontal displacement can be varied between 0.35 and 1.70 mm/min. The dilation and
the shear displacement of the joint are recorded by LVDTs mounted on the top of the
specimen and in the horizontal (shear) direction, respectively.

Figure 4.1 – CNS direct shear test apparatus.
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4.1.2. Synthetic joint specimen preparation
In this study, natural sandstone joints were simulated by mixing the high strength
gypsum plaster (CaSO4 hemihydrate, 98%) with fine sand and water at the ratio of 2:4:1
(plaster:sand:water) by weight. Cured cylindrical specimens with a height to diameter
ratio of 2 gave consistent unconfined compressive strengths (σc) of 20-23 MPa. The
detailed mechanical properties of this model material and its similarity to sedimentary
rocks were reported by Indraratna (1990). Direct shear tests carried out on planar clean
joints of this synthetic rock indicated a basic friction angle of φb=35.5º.
The top and bottom moulds need to be detached from the shear apparatus before casting
the upper and lower portions of the specimen inside them. Subsequently, the bottom
mould together with the adjustable collar was filled with the mixture, and left for at least
1 hour to ensure adequate hardening before casting the upper specimen. Naturally, the
collar was shaped according to the desired surface profile, and, in this study, triangular
asperities were tested. The asperity height (a) and the initial asperity angle (io) of the
joint profile were 5 mm and 18.5º, respectively.
After one joint profile was cast, the top mould was then placed over the bottom mould
and filled with the plaster mixture. A thin polythene sheet was inserted between the two
moulds, separating the two fully mated joint surfaces, and the whole assembly was
subsequently cured for another hour at room temperature to complete initial setting.
During specimen preparation, mild vibration was applied to the moulds externally to
eliminate any entrapped air. Once initial hardening had taken place, the moulds were
stripped and the specimens were cured at 50ºC inside an oven for 2 weeks. Before
testing, the specimens were allowed to reach room temperature.
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Preparation of infill surface

A clayey sand (75% fine sand and 25% kaolinite) at an initial moisture content of w =
12.5% was used as infill material. Direct shear tests carried out on the infill material
gave a friction angle φ'fill=27.5º and cohesion intercept cfill=47 kPa.
The cured bottom lower half of the specimen was placed inside the shear apparatus in
such a way that the surface profile projected slightly above the bottom mould (Figure
4.2a). The adjustable collar having the same surface profile was then attached to the top
of the specimen, thereby creating an enclosure over the specimen. The collar was fixed
tightly to provide the required infill thickness by precisely measuring the height of the
mould at the four corner points shown in Figure 4.2a. The infill material was then
placed inside the collar in small quantities and spread over the joint surface with a
spatula to give the desired thickness to asperity height ratio, i.e. t/a (Figure 4.3). Five
different t/a ratios were tested: 0, 0.5, 1.0, 1.5, 2.0. Once the collar was filled up, the
infill surface was compacted and trimmed with a flat steel plate having the same
sawtooth shape. Subsequently, the collar was dismantled and the bottom specimen was
placed within the shear apparatus and fixed firmly by tightening all the screws (Figure
4.2 b). The top shear box containing the upper half of the specimen was then placed
over the bottom specimen, and simultaneously, the lateral support plates were
assembled around the infill joint to prevent loss of infill during the shearing process
(Figure 4.2c). All joints were consolidated and sheared under the predetermined initial
normal stress (i.e. σno= 800 kPa MPa). Pre-shear consolidation under the applied initial
normal stress (σno) usually took between 45 minutes and 1 hour.
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Figure 4.2 – Preparation of infill suface: (a) Stage I: fixing the adjustable collar above
the bottom specimen and pouring infill. (b) Stage II: dismantling of collar and fixing
infilled joint in position. (c) Stage III: placement of top and bottom specimen together
with lateral support (after Indraratna et al. 1999)
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Figure 4.3 – Mould with bottom part of idealized soil-infilled rock joints.
4.1.3. Tension joint specimen preparation
In order to further investigate the applicability of the normalised peak shear stress
model for natural joint profiles, direct shear tests under constant normal stiffness (CNS)
conditions were carried out on three samples of sandstone tension joints having t/a = 0
(i.e. clean), 0.25 and 1.2.
Uniaxial compressive tests carried out on sandstone specimens with a height to diameter
ratio of 2 gave consistent unconfined compressive strengths (σc) of 25-28 MPa and a
Young Modulus (E) of 3-3.5 GPa. For the sandstone, direct shear tests carried out on
clean, planar saw-cut joints gave a basic friction angle of φb = 37º. The rough joints
were obtained by conducting Brazilian tests on core specimens. This procedure is
expected to yield similar profiles to those of natural tension joints. After splitting the
cylindrical specimens, the joints were visually selected for similar joint profiles, i.e. the
same JRC. A roughness amplitude, a, of 5 mm was determined according to the ISRM
Suggested Method (1981), and a JRC = 14-16 was estimated by visually matching the
joints against the standard profiles. An initial asperity angle of io= 20º was estimated by
tilt tests carried out on the tension joints.
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Commercial clay (kaolinite) with a liquid limit of 55% and a plastic limit of 35% was
selected as the infill material. Direct shear tests carried out on the infill material at a
moisture content of 40% gave a friction angle of φ'fill = 27º and a negligible cohesion
intercept. The infill was then spread over the joint using a spatula to give an average t/a
ratio slightly over the desired value. During the consolidation phase of the direct shear
test, the normal displacements were monitored to achieve the desired t/a ratio. Both
parts of the soil-infilled joints (i.e. top and bottom) were then cast in high strength
plaster (σc = 80 MPa) inside the shear box with all necessary measures taken to ensure
proper alignment to the shear and normal loads. Figure 4.4 shows the bottom part of the
shear box with the sample.

Figure 4.4 – Bottom part of shear box with soil-infilled tension joints cast in plaster.
4.1.4. Testing procedure
The tests on the soil-infilled rock joints were performed using the Constant Normal
Stiffness (CNS) Direct Shear Test apparatus at the University of Wollongong (Figure
4.1). In this apparatus the normal load is applied by a set of four springs having an
overall stiffness Kn of 8.5 kN/mm, which corresponds to a stiffness of 453 kPa/mm for
the initial sample area of the synthetic joint and 820 kPa/mm for the initial area of the
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tension joints. Although this value is less than that of many natural rock joints, it is
representative of weathered sandstone (Kangaroo Valley, Australia) and coal measures
rocks typically, representing jointed and interbedded sandstone, shale and mudstone
(Indraratna et al. 1999). The soil-infilled joints were then subjected to the predetermined
initial normal stress (σno) before shearing. All joints were sheared at a constant low
speed of 0.5 mm/min to ensure fully drained conditions (de Toledo & de Freitas, 1993).
Indraratna et al. (1999) also found this shearing rate to be adequate to ensure full
drainage.
The effect of initial normal stress under CNS boundary condition has been well
described by Indraratna et al. (1999, 2005). The main objective of this study is to verify
the prediction of the normalised peak shear stress model for this new synthetic rock and
tension joints, which presents different basic friction angle and compressive strength.
All synthetic samples were tested at initial normal stress σno= 800 kPa and the tension
joints at σno= 300 kPa, which were selected in order to allow both dilation and breakage
of asperities.
4.1.5. Experimental results
The experimental results for the synthetic rock joints at all t/a ratios tested are presented
in Figure 4.5. The shear stress, normal stress and dilation behaviour are plotted against
horizontal displacements. Stresses have been calculated using the corrected cross
sectional area of the specimen at each displacement.
As expected, for a thin layer of infill material (t = 2.5mm or t/a = 0.5) there is a drastic
decrease (approximately 40%) in the peak shear stress compared to clean joint. The
dilatational behaviour also reduces drastically, and for t/a greater than 1.0 only
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compression takes place. This is an indication that the joint wall no longer has great
influence on the overall shear strength. The normal stress behaviour is directly and
linearly related to normal displacement (dilation/compression) and can be described by
the expression:

σ n = (σ no + k cns u n )

(4.1)

where σno is the initial normal stress, kcns is the boundary normal stiffness and un is the
normal displacement.
For t/a = 0.5 a double shear peak can be verified. The first peak corresponds to yielding
of the soil-infill. Beyond this point the asperity interference starts to increase, and this is
confirmed by the specimen dilation. A second peak is attained which corresponds to a
rock-to-rock contact. This double peak phenomenon is not pronounced for t/a = 1.0.
This is in agreement with several authors who have stated that when t/a approaches 1,
the shear behaviour is largely controlled by the soil-infill. In spite of the infill
controlling the overall behaviour, there is still some interference of the joint walls which
is reflected by the dilation curve. Negligible decrease in shear strength was verified for
t/a greater than 1.5 which may indicate that the critical thickness has been achieved.
For the tension joints, the experimental results are presented in Figure 4.6. As can be
observed, even for a thin infill (t/a = 0.25) there is a reduction in shear strength of more
than 50% compared to the strength of a clean joint. No clear peak stress is observed due
to the continuous increase in normal stress for t/a = 0 and t/a = 0.25 caused by dilation.
On the other hand, for a t/a = 1.2 no dilation takes place, thus, no increase in normal
stress is observed.
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Figure 4.5 – CNS-DST on saw-tooth artificial sandstone joints with varying soil-infill
thickness
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Figure 4.6 – CNS-DST on sandstone tension joints with varying soil-infill thickness
4.2.

PREDICTION OF THE NORMALISED PEAK SHEAR STRESS MODEL

As mentioned earlier, the normalised peak shear stress model is adopted here to describe
the peak shear strength of the soil-infilled joints. As suggested by Indraratna et al.
(2005), if the infill shows cohesion the term c'fill/σn should be included. Therefore,
Equation (3.13) is rewritten as:

τ p − c 'fill
= A+ B
σn
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Indraratna et al. (2005) stated that for a t/a ratio greater than the critical value, (t/a)crit
(i.e. the non-interfering zone), the function A vanishes and the peak strength is only
governed by the infill material. The function B then becomes:
B = tan (φ fill )

(4.3)

On the other hand, for t/a = 0, the model should revert to the peak shear stress of a clean
joint, thereby, function B vanishes and A becomes:
A = tan (φb + io )

(4.4)

It can be verified that Equation (4.4) is exactly that proposed by Patton (1966) for clean
joints in the range of non breakage of asperities. As a result, the model overestimates
the strength of the clean joint. Using the dilation angle at peak shear stress of the clean
joint, (iτp)clean, instead of io but including the initial asperity angle to keep the energy
balance as proposed by Seidel & Habberfield (1995), function A can be expanded to:


[
tan(φ b ) + tan( i o ) ] 
t a

A=
1 −
(t a )crit
 1 − tan(φ b ). tan ((iτp ) clean ) 



[

]






α

(4.5)

The peak shear stress of the soil-infilled joints subtracted by the soil cohesion of the
infill (c'fill) (except for t/a = 0), are plotted against t/a and presented in Figure 4.7. It can
be observed that the slightly adjusted normalised peak shear stress model (Equation 4.5
plus the original function B in Equation 4.4) yields a better prediction of the
experimental data than the original Equation (4.4). The empirical constants found were

α = 1.25 and β = 1.25. As mentioned earlier, the critical thickness expressed by (t/a)crit
was found to be equal to 1.5 and the dilation angle at peak shear stress for the clean
joint (iτp)clean = 4.8º.
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Figure 4.7 – Original and adjusted normalised peak shear stress model with sawtooth
artificial sandstone joint data.
Despite being desirable to have a larger number of points, i.e. different thicknesses, it is
still possible to obtain a good fit applying the normalised peak shear stress model to the
sandstone tension joints data (Figure 4.8). As observed for the artificial joints, the
original model also seems to overestimate the shear strength of the clean joint, although
with a much less pronounced difference. The (t/a)crit was found to be equal to 0.4 and
the empirical constants were α = 1.45 and β = 1.81 for a (iτp)clean = 13º.
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Figure 4.8 – Original and adjusted normalised peak shear stress model with sandstone
tension joint data.
According to Indraratna & Haque (2000) the dilation angle at peak shear stress for clean
joints with a particular profile can be found as:

(i )
τp

clean

io


σ
=  1 −
σ


n
c





κ

(4.6)

where σc is the compressive strength of the intact rock and κ is an empirical constant.
4.3.

LIMIT EQUILIBRIUM ANALYSES USING THE NORMALISED PEAK

SHEAR STRESS MODEL
The normalised peak shear stress model may be used in typical limit equilibrium
analyses to assess the influence of the infill material on the factor of safety applicable to
various engineering problems. It can be associated with a number of analytical
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approaches used in design practice, considering the joint model as an elastic-perfectlyplastic model such as the Coulomb slip joint model. Two practical applications are
presented in this section using the normalised peak shear stress model to investigate the
effect of the soil-infilled joint in the behaviour of the rock mass.
4.3.1. Simplified approach for slope stability problems
Indraratna & Haque (2000) presented a few examples of practical problems in which the
CNS boundary condition was found to have a significant influence. A potential unstable
wedge at the Kangaroo Valley site in NSW, Australia due to the presence of a clean
joint was given as an example of slope instability (Figure 4.9). To illustrate a simplified
approach for using the normalised peak shear stress model in practice, a simplified
hypothetical problem is presented here (Figure 4.10).

Figure 4.9 – Rockslide site at Kangaroo Valley, NSW, Australia (Photo courtesy of Dr.
Phil Flentje).
The rock presents a slope angle of αs and it is intercepted by a soil-infilled discontinuity
at an angle of αj with respect to the toe of the slope.
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Figure 4.10 – Slope supported by untensioned grouted bolt (modified from Indraratna &
Haque, 2000).



Initial condition (without bolts)

A limit equilibrium analysis before installing the rock bolts has a factor of safety
described by:

Fs =

S
W sin(α j )

(4.7)

where, W is the weight of the wedge and S is shear strength (force) of the discontinuity.
The weight of the wedge can be found by:

[

W = 0 .5γH 2 cot( α j ) − cot( α s )

]

(4.8)

where, γ is the unit weight of the intact rock and H is the height of the slope.
By determining all parameters and empirical constants of the modified model (φb, φ'fill,
c'fill, io, iτpclean, α and β) under the initial condition, i.e. normal stiffness Kn = 0, the value
of A+B in Equation (4.2), i.e. [(τp- c'fill)/σn], for a particular t/a can be found. Hence, the
shear force S can be calculated by:
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 τ p − c 'fill
S = N 
 σn

 '  H 

 + c fill 

 sin(α ) 
j 



(4.9)

where, N is the normal force applied to the joint which is given by the component of the
weight of the wedge perpendicular to the joint plane as:
N = W cos(α j )

(4.10)

The idealised artificial sandstone rock joint presented earlier is assumed as
representative of the rockslide with t/a=1.0 (φb = 35.5º, φ'fill =27.5º, c'fill =47 kPa, io
=18.5º, iτpclea = 4.8º, α = 1.25 and β =1.25). For CNL condition, the value of (τp- c'fill)/σn
was determined as 0.72, which corresponds to an apparent Coulomb friction angle of
36º. The geometry and properties of a typical original wedge from Kangaroo Valley
case were: H=30.5 m, αj=45°, αs = 80°, γ = 27.5 kN/m3. After substituting these values
into Equations (4.7) – (4.10), a factor of safety Fso = 0.99 is found, which corresponds
to its failure in 1998.


Stabilisation using rock bolts

As the factor of safety for the initial condition indicates potential instability (Fs<1), rock
bolts can be used to improve the overall stability. The inclusion of such structural
elements introduces a constant stiffness to the problem at small to moderate strains that
do not usually initiate bolt or grout yielding. Untensioned fully grouted bolts would
work effectively if the discontinuity plane dilates during the shear movement. This
dilation would generate a tensile force in the bolt which depends on the bolt-grout
stiffness. The normal load acting perpendicular to the joint plane is then no longer only
the weight component, and it may be described by:
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N = W cos(α j ) +

n
T sin(α j + β )
sh

(4.11)

where, β is the angle of the rock bolt with respect to horizontal, n is the number of bolts,
assuming that all bolts contribute with equal load, sh is the horizontal bolting spacing
(i.e. out of the section plane) and T is the tension provided by the bolts. As mentioned
earlier, the value of T is influenced by its stiffness and is given by:

T=

Eb Ab
δv
Lb sin(α j + β )

(4.12)

where, E is elastic modulus of the bolt material, A is the area of the bolt, L the effective
grouted length and δv is the dilation. If the stiffness of the grouted bolt annulus is
neglected, the modulus of elasticity, E, and the area of the bolt, A, are predominantly
those of the steel.
Therefore, the final factor of safety is then given by:
S+
Fs =

n
T cos(α j + β )
sh
W sin(α j )

(4.13)

The shear strength of the discontinuity, S is still calculated using Equation (4.9) and N is
found by Equation (4.10).
In order to assess the final factor of safety after bolting, not only the new empirical
constants for the modified model must be found under the new normal stiffness
condition (Kn ≠ 0), but also the value of dilation is required. However, the normalised
peak shear stress model does not estimate the value of dilation at the peak shear stress.
Indraratna & Haque (2000) demonstrated that for clean joints, the ratio of dilation at
peak shear stress to asperity height, (δvτp/a)clean has a unique relationship with the initial
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normal stress (σno) for a given joint profile. They suggested that an exponential
relationship exists, which is described by:
 δ vτ p

 a



= d1 exp (d 2σ no )
 clean

(4.14)

where, d1 and d2 are empirical constants for the particular joint profile.
From the laboratory investigation and previous studies, it is clear that the dilation at
peak shear stress decreases with the increasing infill thickness. Therefore, it is
hypothesized here that (δvτp/a)filled can be expressed as a decaying function of
(δvτp/a)clean. The following relationship is suggested:
 δ vτ p

 a


δ  
t a

=  vτp   1 −
(t a )crit
 filled  a  clean 






d3

(4.15)

where d3 is an empirical constant.
Beyond (t/a)crit no dilation is expected (i.e. only compression), therefore, δvτp is assumed
to be zero. For t/a=0, the function reverts to the dilation of the clean joint. The values of
dilation at peak shear stress are plotted against t/a in Figure 4.11. The value of d3 was
determined as 0.31 for 1.41 mm of dilation at peak shear stress of the clean joint.
Rock bolts (n = 30) with effective length L=1.0m, sh=1.0 m and diameter of 2.5 cm (E =
200 GPa) were installed at an angle β=15°. The factor of safety after bolting can be
found using Equations (4.13) and (4.15). The factor of safety under CNS condition is
FosCNS=1.38. If CNL parameters are used, due to the increase in dilation with Kn=0, the
corresponding factor of safety is FosCNL=1.48, which is greater than FosCNS.
Bolting has certainly increased the factor of safety of the initial condition by
approximately 40%. If CNL parameters are used for the limit equilibrium analysis, the
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factor of safety is always overestimated. Therefore, for this case the factor of safety
determined under CNS conditions is more critical in design and stability assessment.

0.3

 δ v τp
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0.1

0

0

1

2

3

t/a
Figure 4.11 – Dilation at peak shear stress of artificial sandstone infilled joints.
4.3.2. Stability of a rock wedge formed in the roof of a tunnel
The mechanical behaviour of a rock block formed on the roof of an underground
excavation is governed by its geometry, the mechanical characteristics of the joints
forming the block, the deformability of the block and that of the surrounding rock mass,
and the stresses within the rock. In this scenario, it becomes apparent that soil-infilled
rock joints will have a significant role in controlling the stability of the block due to its
reduced friction. Therefore, the effect of soil-infilled joints on the stability analysis of
such a block is investigated here by means of an analytical approach for symmetric,
two-dimensional rock wedges originally proposed by Bray (1977) and subsequently
extended by Sofianos et al. (1999).
The analytical approach is divided into two stages. In the first, the joints are assumed
infinitely stiff and the excavation is carried out in an assumed homogeneous, isotropic,
linearly elastic and weightless medium. At the end of this stage, the initial confining
horizontal lateral force acting on the rock wedge, Ho, is evaluated. During the second
stage, the joints are assumed flexible and the rock mass rigid. In this stage, as shown in
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Figure 4.12, the loading acting on the wedge is attributed to the horizontal force, H, the
supporting joint force, S, and the weight, W.

Figure 4.12 – Loading stages for stability of rock wedge. Stage 1 – rigid joints. Stage 2
– Rigid rock mass (modified from Sofianos et al.,1999).
Considering unit length of the problem geometry in the antiplane direction, the stability
of the prism in Figure 4.12 under the imposed forces may be found by determining the
force Pl required to establish the state of limiting equilibrium as shown in Figure 4.13.
Hence, the equation of static equilibrium for the vertical direction is satisfied if:
Pl = 2(S cos α − N sin α )

(4.16)
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Figure 4.13 – Free body diagram of rock wedge.
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The stability of the prism is intrinsically related to a relaxation approach, thus, the
procedure should take explicit account of the deformation properties of the joints
defining the wedge. As noted earlier, initially the joint normal and shear stiffness, Kn
and Ks are assumed to be sufficiently high for the presence of the joints to be ignored. It
is then possible to determine the stress distribution around the opening assuming that
the rock behaves as an elastic continuum. Since no body forces are induced in the
medium by the process of excavating the opening, the elastic analysis takes account
implicitly of the weight of the medium. Such an analysis allows the state of stress to be
calculated at points in the rock mass coinciding with the surface of the prism. It is then a
simple matter to estimate the magnitudes of the surface forces acting on the prism from
the magnitude of the stress components and the area and orientation of each surface. For
the case of a non-hydrostatic biaxial stress field and circular openings, Sofianos et al.
(1999) proposed that the initial horizontal lateral force acting on the wedge, Ho, can be
determined by integrating the tangential stress component, σθθ, from Kirsch solution
along the line CB in Figure 4.12, hence:








 h
σvR 
h
1 
1



  (4.17)
H o = ∫ σ θθ dr =
(1 + k o ) + 1 −
 − (1 − k o ) + 1 −
3 
h
2 
R  h
 
R
 R 
+ 1

 + 1  


R 


 R   


R+h

where, σv is the vertical stress, ko is the horizontal stress to vertical stress ratio, R is the
radius of the opening and h the height of the wedge.
Before the relaxation process (i.e. before applying the limiting force Pl and reducing the
joint stiffnesses), the state of loading of the prism is as shown in Figure 4.14a. In this
case, the surfaces forces No and So account completely for the static equilibrium of the
prism. These original surface forces are related to the internal horizontal force Ho by:
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N o = H o cos α

(4.18)

S o = H o sin α

(4.19)
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Figure 4.14 – Surface forces acting on prism. (a) at an initial (elastic) state. (b) in a state
of limiting equilibrium after external loads and joint relaxation.
When the resultant force Pl is applied, the wedge is displaced vertically through a
distance uy. Displacements us and un, with the directions indicated in Figure 4.14b,
occur at the joint surface. The corresponding normal and shear forces are incrementally
changed to the new equilibrium values N and S. Since the prism is not deformed during
joint relaxation, joint deformations, us and un, are readily related to the vertical rigidbody displacement, uy, of the prism. From Figure 4.14b:
u s = u y cos α
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u n = u y sin α

(4.21)

Noting that the block moves away from the surrounding rock during joint relaxation, the
equilibrium normal and shear forces acting on the joint plane can be defined by:
N = H o cos α − K n u y sin α

(4.22)

S = H o sin α + K s u y cos α

(4.23)

The shear force, S, at the onset of yielding or peak stress can now be defined as:
S = N tan φ peak

(4.24)

Assuming an elastic perfectly plastic model for the joints, the vertical displacement of
the rock wedge, uy, required to fully mobilise the strength of the joints can be
determined by rearranging Equations 4.22, 4.23 and 4.24:

uy =

H o sin (φ peak − α )
K s cos α cos φ peak + K n sin α sin φ peak

(4.25)

where, Ks is the joint shear stiffness having dimensions of force dived by length, [F/L],
Kn is the joint normal stiffness, [F/L], and φpeak is the peak friction angle of the joint.
The values of Ks and Kn can be found by multiplying known values of ks and kn by the
length of the joint.
Since the problem being considered involves the limiting equilibrium state of the prism,
the factor of safety (FoS) can finally be expressed by:
FoS =

Pl + R
W

(4.26)

In the above, R is a support force, if any, and W is the weight of the wedge per unit
length given by:
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π


W = γR 2 cos 2 θ (tan θ + cot α ) − + θ 
2



(4.27)

where γ is the unit weight of the rock and θ and α are the angles as indicated in Figure
4.12.
To investigate the effect of different infill thicknesses on the stability of the wedge
using the normalised peak shear stress model, the peak friction angle can be expressed
by:

φ peak





tan(φb ) + tan(io )
t a
−1 

= tan 
1 −
 1 − tan(φ ). tan ((i )
 (t a )crit
τp clean ) 
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 2 

+ tan (φ fill ).
1

1+ 
k
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(4.28)

In addition, if the joint presents a cohesional strength the resultant force Pl may be
rewritten as:
Pl = 2(S cos α − N sin α ) + cL cos α

(4.29)

where, c is the joint cohesion intercept and L is the joint length. If the rock wedge looses
contact with the rock mass (i.e. N ≤ 0) Pl should be taken as zero.
For example, a symmetric rock wedge in the roof of a circular tunnel (radius R = 4.5 m;
semi-apical angle α = 30º; height h = 4 m; rock unit weight γ = 26 kN/m3) structurally
controlled by soil-infilled joints is assumed to behave similarly to the artificial
sandstone soil-infilled joints presented earlier (i.e. φb = 35.5º, φ'fill =27.5º, c'fill =47 kPa,
io =18.5º, iτpclea = 4.8º, α = 1.25, and β =1.25 and t/acrit = 1.5). Under a far-field vertical
stress σv = 570 kPa and ko = 2.0 the factor of safety for varying infill thickness is
presented in Figure 4.15. The required support force, R, is calculated in order to keep a
minimum FoS of 1.3.
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Figure 4.15 – Stability of rock wedge with varying infill thickness.
Figure 4.15 illustrates how the infill thickness affects the stability of the rock wedge. It
can be noted that bolting is required for some of the joints with t/a ratio smaller than the
critical value (t/acrit = 1.5). On the other hand, it becomes clear that if the strength of the
joint is assumed equal to that of the infill alone, (i.e. t/a> t/acrit) the factor of safety is
significantly under-estimated.

4.4.

CONCLUDING REMARKS

The normalised peak shear stress model explicitly shows some of the governing
parameters and highlights the role of infill thickness to asperity height ratio (t/a) in
reducing the shear strength from the maximum value associated with clean rough joints.
It is able to capture the two distinct zones in relation to the infill thickness, i.e. the
interfering and non-interfering zones. Infill cohesion can be included in the model by
subtracting the normalised peak shear stress (τp /σn) by a normalised cohesion (c'fill/σn).
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In its original form, the model overestimates the strength of the clean joint due to the
consideration of only the initial asperity angle. Expanding function A describes the
effect of the rock interface, and the use of the dilation angle at peak shear stress of the
clean joint gives a better prediction of the peak shear stress for soil-infilled joints. The
dilation at peak shear stress for the soil-infilled joint can be described as a function of

σno, a, and t/a.
The use of the proposed model still needs further testing of other infill-joint geometry
combinations and higher values of Kn and initial normal stress values in order to
establish a more comprehensive database for practical applications. However, the model
has a good potential to be applied as a simplified approach in rock engineering problems
once the relevant parameters have been evaluated in the laboratory for representative
soil-infilled joints.
Despite the potential application of the normalised peak shear stress model, it is
important to remark that it only describes the peak strength of the joints. The shear
displacement is not accounted for and in some circumstances, the peak shear strength
may not be completely mobilised. Therefore, a more comprehensive model that
describes the mobilisation of the joint shear strength with lateral displacement is
imperative, as further discussed in Chapter 5.
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CHAPTER 5
5.

DEVELOPMENT OF THE SOIL-INFILLED JOINT MODEL

5.1.

INTRODUCTION

One of the most challenging tasks when designing rock mass structures (tunnels, dams,
foundations etc.) is to simulate the correct mechanical behaviour. This difficulty is
mainly due to the rock mass usually made up of an interlocking matrix of discrete
blocks.
There are, in general, two basic approaches to modelling in rock mass. The first
approach is to model the rock mass as an equivalent continuum medium in which nonlinearities are accounted for through the material model chosen. The most common way
to achieve this equivalent continuum, which seems to have wide acceptance, is to scale
the intact rock properties down to the rock mass properties by using empirically defined
relationships such as those given by Hoek-Brown (Barla & Barla, 2000). Another way
is to introduce pre-defined planes of weakness in the material model, such as the
ubiquitous model (Itasca, 2005). In the second approach, the rock mass is considered to
be a discontinuum composed of individual blocks which interact with their neighbours
via stiffness and plasticity, introduced by the intervening fractures. In practical terms,
the former approach may allow complex non-linear material models but might not
adequately represent discontinuum responses such as slip and separation of blocks of
material. In particular, wedges or blocks of material may be kinematically constrained
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with a continuum model due to the inability of the material to separate or slip along
discrete weakness planes.
Lambe (1973) suggested that the accuracy of a prediction largely depends on a
consistent interrelationship between the sophistication of the method and the quality of
data employed (Figure 5.1). For instance, for a given method of analysis with a
sophistication level rated 70 out 100 and data quality rated 40 out 100, the accuracy of
the prediction is supposed to be between 20% and 40%. If the quality of data is
improved (sophisticated testing, number of samples etc.), the accuracy of the prediction
might increase as represented by the shifting of the solid line to the dashed line position.
However, the accuracy might deteriorate beyond a certain level of data quality (dotted
line). As a result, to improve the accuracy of the prediction, a more sophisticated
method would be required to capture all mechanisms described by this improved data
quality.
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Figure 5.1 – Conceptual prediction accuracy (modified from Lambe, 1973).
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The material model for the intervening fractures in the discontinuum approach is
perhaps the most relevant and special attention should be given to its selection. With the
above comments in mind (Lambe, 1973), it is essential that an appropriate material
model should describe the mechanical behaviour of the discontinuities (asperity sliding
and degradation, soil-infill effects, dilation etc.) under the conditions being simulated,
and it is a key aspect towards achieving reliable predictions. Although the normalised
peak shear stress model conveniently predicts the peak shear strength of infilled joints
with a reasonable degree of accuracy, it does not describe the shear-displacement
behaviour, thus, the development of a shear-displacement criterion is imperative.
5.2.

REVISITING THE SHEARING MECHANISMS IN SOIL-INFILLED

JOINTS
The first step towards developing a shear–displacement criterion is a comprehensive
understanding of the governing mechanisms occurring during the shearing of infilled
rock joints. In this sense, the possible shearing mechanisms are further discussed here
focusing on the relevant aspects that should be captured in model in development.
Although not always clearly identified in laboratory results, three shearing phases can
be assumed for infill thicknesses smaller than the critical value. The first phase is
controlled mainly by the strength of the infill material. The role of the rock is to set the
boundary limits for the soil failure surfaces which are defined by the geometry or
roughness of the joint. During the second phase, as shearing proceeds, the infill above
the sliding surface has to be “squeezed out” of its position between the advancing
asperities to fill the space generated on the unloaded side of the joint (Figure 3.31).
After some displacement has occurred, the two rock surfaces will eventually come into
contact and the strength of the joint will increase. From then on, the shear behaviour
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will be governed by the shape of the asperities and the strength of the rock, marking the
beginning of the third phase. Depending on the level of applied normal stress, dilation
may occur caused by sliding of one block over the other and be followed by the
breakage of asperities as normally expected in unfilled joints.
Figure 5.2 shows a triaxial test result for a clay-infilled joint with t/a = 0.5 where three
distinct phases of shearing are observed. At the beginning of the shearing process, shear
stresses are rapidly built up (i.e. at small axial strains) to a first plateau of shear strength,
which is referred to here as the infill peak. During this phase, depending on the infill
material and the normal stress applied, initially a small amount of compression can be
observed followed by dilation. In the second phase, associated with infill squeezing, the
rock walls approach each other causing an increase in the asperity interference that is
represented by strain-hardening as indicated on the shear-strain curve, and also reflected
by the normal displacements curve. After the rock walls have come into contact,
progressive shearing of the asperities results in a strain-softening behaviour in the sheardisplacement curve marking the start of the third phase.
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Figure 5.2 – Shearing phases for small thickness.
As noted earlier, it is often difficult to clearly identify all three shearing phases,
particularly the infill peak, for tests on natural joints on the laboratory scale. This is
caused by an early start (i.e. at small strains) of the second phase, as illustrated by the
typical curves plotted in Figure 5.3.
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Figure 5.3 – Typical curves of soil-infilled joints with natural profile on laboratory
scale.
de Toledo and de Freitas (1993) stated that in the first phase, the shearing may occur
under constant volume, given the possibility of soil movement from the loaded to the
unloaded area. In such a process, a complex pore-water pressure pattern is expected. In
the loaded zone, positive pore-water-pressure would normally develop unless the infill
material is highly overconsolidated, whereas in the unloaded zone some suction is
expected to develop. When the asperities are in contact, the joint undergoes a more
intense dilation whereby, unless the joint fails, it will develop much higher negative
pore-water pressures within the infill. Therefore, an increase in the shear strength can
occur in the first phase of the shearing mechanism.
Numerical analysis performed with the commercial program FLAC (Itasca, 2005)
revealed that if the volume of saturated soil between the advancing asperities is kept
constant, then shear-strains only occur within the infill (Figure 5.4) and the mobilised
shear strength is approximately equal to that of the infill material (Figure 5.5). In order
to fully mobilise the shear strength of soil-infilled joints, the infill material has to be
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“squeezed out” between the advancing asperities, in agreement with the shearing
mechanism proposed by de Toledo & de Freitas (1993).

Figure 5.4 – FLAC output showing shear strain only within the infill.
5.3.

DEVELOPMENT OF A SHEAR DISPLACEMENT CRITERION

As noted arlier, the conceptual model proposed by Indraratna et al. (2005), and later
extended by Indraratna et al. (2008), predicts the peak shear strength of an infilled rock
joint as an inter-relationship between four basic governing parameters (friction angle of
the infill material φfill, overconsolidation ratio OCR of the infill, basic friction angle of
the rock joint φb and the initial asperity angle io) and empirical constants. These
governing parameters are grouped into two different functions, An and Bn. Each function
is related to the characteristics of the joint surface and the infill material, as verified by
experimental data. Nevertheless, this peak shear stress-based model does not fully
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describe the shear displacement behaviour of infilled joints. In addition, the value of the
dilation angle (i) at a given peak shear stress may differ from the initial value of io,
hence the original model will not represent the correct roughness at a given shear
displacement. Moreover, dilation may also affect the infill strength term (Bn) of the
original conceptual model (Indraratna et al., 2008).

Figure 5.5 – Numerical model results of triaxial test on clay-infilled joint at σ3=500 kPa
and t/a=0.5.
For a new failure criterion, it seems reasonable to assume that the shear strength of an
infilled rock joint is the sum of the two basic terms:

τ ' = σ 'n ( A + B )

(5.1)

where τ′ is the shear stress, σn′ is the effective normal stress, A is a function of the shear
strength related to the joint surface component and B is a function of the shear strength
related to the infill material.
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The mathematical functions which describe both strength terms, A and B, are dependent
on the shearing mechanism. If the sliding mechanism after the infill yielding described
earlier is adopted, where the infill material has to be squeezed out between the
advancing asperities, then the following relationship can be established based on the
work done in sliding:
A = tan (φb + ir ).η

B = tan (φ fill + i fill ).(1 − η )

(5.2)

where ir the asperity angle at the tip, ifill the slope angle of the sliding surface within the
infill, and η a parameter which describes the ratio of the sliding surface in contact with
the rock asperity to the total length of the sliding surface, i.e. Lr/(Lr+Lfill) at a given
displacement. The parameter η also represents the reduction in infill thickness
(squeezing) during shearing, and thereby, the change in thickness.
Figure 5.6 presents the bi-planar sliding surface assumed, where Lr is the length of the
sliding surface in contact with the asperity and Lfill the length of the sliding surface
within the infill material. This relationship is established at a given displacement but it
can be extended to describe the entire shear-displacement behaviour, allowing the
squeezing factor η to vary with displacement. As shear displacements take place, the
infill material is squeezed out, and Lfill decreases while η increases. In order to identify
one function which better describes this complex change in η, it is worthwhile to recall
the concept of NSD – the normalised shear drop (Indraratna et al., 1999). According to
the NSD model, the drop in shear strength can be described as a hyperbolic decay
function with increasing t/a ratio. The experimental results presented by Indraratna et al.
(2008) also show a hyperbolic trend. Hence, as η describes the change in thickness, it is
also likely to follow a hyperbolic function. However, in contrast to the NSD concept, a
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decaying function is not expected. As the total length of the sliding surface within the
infill (Lfill) decreases with shear displacement, accompanied by a reduction in infill
thickness, the factor η increases with displacement (Figure 5.7).

Figure 5.6 – Volume of infill to be squeezed out advancing asperities at a given shear
displacement.

Figure 5.7 – Relative influence of joint components on shear strength.
With subsequent shear displacement, it is expected that the value of Lfill will approach
zero and η will become equal to 1. However, several studies (de Toledo & de Freitas,
1995; Seneka Welideniya, 2005) have reported progressive non-uniform breakage of
asperities which may cause η to deviate from one (i.e. not asymptotic to one).
Therefore, two empirical constants are considered for the proposed hyperbolic function,
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so that it is not constrained to be asymptotic to one. The following relationship is
proposed:
 0 if < 0

 u −u

o
η= s
if < 1
 c1u s + c 2

 1 otherwise

(5.3)

where us is the shear displacement, uo the shear displacement beyond which asperity
interference is noted, and c1 and c2 are empirical constants that define the geometric loci
of the function. The displacement uo establishes the limit of the first peak plateau and is
found experimentally. If no pronounced infill peak is verified uo vanishes.
Two other parameters that vary with displacement are ifill and ir. The slope angle of the
sliding surface within the infill, ifill, can be calculated from:

tan (i fill ) =

∂u s
∂u n

(5.4)

where un is the normal displacement and us the shear displacement.
As proposed by Indraratna et al. (1999), the dilation at any shear displacement can be
expressed in terms of a Fourier series. As dilation plays an essential role in the shear
behaviour of rock joints, it is important to represent it with a certain degree of accuracy.
Jayanathan (2007) considered the Parseval’s identity as a benchmark for indicating the
significance and influence of harmonic cycles when simulating the roughness profile. It
was found that 5-8 harmonics were sufficient for the representation of joint profiles.
However, with an increasing number of harmonics the Fourier series may oscillate near
the points of discontinuities (ringing). This is often known as the Gibbs phenomenon
(Weisstein, 2008a). To minimise this effect, the expression proposed by Indraratna et al.
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(1999) has been modified to include the Lanczos sigma factor, Lf (Weisstein, 2008b),
thus:

ao Nh
 2π × n × u s
 2π × n × u s 
un =
+ ∑ L f a n cos
 + bn sin
2 n =1 
T
T








(5.5)

where a0, an and bn are Fourier coefficients, T is the Fourier period, and Nh is number of
harmonics. The Lanczos sigma factor is expressed by:




 1 if


Lf = 
  n.π
 sin 
  Nh
 n.π

 Nh

ih( h)

(5.6)




otherwise
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Figure 5.8 –Gibbs phenomenon with a Fourier series of 30 harmonics. (a) dilation angle
determined without Lanczos sigma factor (b) same function with Lanczos sigma factor.
Figure 5.8 presents an example of the application of the Lanczos sigma factor on the
determination of dilation angle using the Fourier Series. As observed, after application
of the Lf (Figure 5.8b), the predicted dilational behaviour is much smoother than the
wavy curve shown in Figure 5.8a.
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As a result of the method for modelling dilation by means of a Fourier series that is
fitted to the normal displacements obtained experimentally, the dilation angle, which
changes with shear displacement, is exactly that observed during the shear tests, as
represented by Equation (5.5). The constants an and bn are found by performing
conventional harmonic analysis of Fourier Series. The Fourier constants vary with the
initial normal stress applied to the joint, σno, and boundary conditions. Therefore, these
constants must be found for the range of expected σno. Intermediate values of σno are
then interpolated in a piecewise linear fashion. If the joints are subjected to a confined
condition in the field, as around underground excavations, the laboratory tests should
also simulate such condition, which may be accomplished by conducting the tests under
constant normal stiffness (CNS) rather than under a constant normal loading condition
(CNL). Further details on the application of Fourier Series for modelling joint dilation,
the determination of Fourier coefficients and direct shear test under CNS condition are
presented in section 2.2.4 of chapter 2. It is important to remark that there are numerous
uncertainties in analysing and predicting dilation in practice and, as with others methods
of modelling dilation, the Fourier series should be carefully considered.
The inclination at the asperity tip, ir, will also vary with displacement due to elastoplastic deformation. These deformations take place ahead of the displacement and
cannot be measured. The resulting angle should decrease from the initial asperity angle
io. For simplicity, it is proposed to take ir equal to ifill. This assumption is acceptable
because during the early stages of shearing the influence of the rock joint surface is
minor compared to the infill, and with further displacement its trend may be correctly
represented by the measured dilation angle.
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Under a constant normal stiffness boundary condition (CNS), the normal stress applied
to the joint also varies with displacement. According to Indraratna et al. (1999), the
normal stress can be expressed by:

σ n = (σ no + k cns u n )

(5.7)

where σno is the initial normal stress, kcns is the boundary normal stiffness and un is the
normal displacement.
In order to capture the energy balance as described by Seidel & Haberfield (1995), the
term representing the rock interface strength may be expanded and the dilation angle
term in the numerator modified as follows:

 tan (φ b ) + tan (i o ) 
A = tan (φ b + i )η = 
η
 1 − tan (φ b ) tan (i ) 

(5.8)

The proposed failure criterion can now be rewritten as:

 tan (φb ) + tan (io ) 
η + tan (φ fill + i )(1 − η )

1 − tan (φb ) tan (i ) 

τ ' = (σ no + k cns u n )

(5.9)

 ∂u
i = tan −1  s
 ∂u n

(5.9a)

where

un =





ao Nh
+ ∑ Lf
2 n =1


 2π × n × u s
a n cos
T



 2π × n × u s

 + bn sin
T



 0 if < 0

 u −u

o
if < 1
η= s
c
u
+
c
2
 1 s

 1 otherwise
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For natural joint profiles, the roughness amplitude or asperity height may be determined
according to ISRM Suggested Methods (1981). The value of the initial asperity angle io,
could be found by a statistical analysis of the joint profile, as proposed by Dight & Chiu
(1981):

io = iave + k i SDi

(5.10)

where iave is the average angle of asperities, ki is an empirical constant, and SDi is the
standard deviation.
The behaviour represented by Equation (5.9) is valid after shear failure of the infill
material (first peak), i.e., when the sliding mechanism has already been initiated.
Therefore, it does not describe the shear strength before infill failure or within the initial
elastic range (small strains). For the initial range of displacement, the behaviour may be
assumed elastic by considering a shear stiffness, ks. The shear stiffness of a soil-infilled
joint is dependent on the normal stress applied, as in the case of unfilled/clean joints.
Similar behaviour has been observed in some sedimentary rocks in which the elastic
modulus depends on the confining pressure applied (Santarelli et al., 1986, Indraratna,
1990).
It is important to note that the model assumption of minimum shear strength equal to
that of the infill material was valid for all rough joints tested in the current study.
However, shear strengths lower than that of the infill may be observed in the laboratory
(Indraratna et al. 1999, Papaliangas et al, 1990 and Kanji, 1974). Kanji (1994) stated
that the rock-infill interface may mobilise friction angles lower than that of the infill
which may be caused by fine particle alignment, rolling friction etc. To detect such a
condition, the infill material may be tested in direct shear against the planar joint (Kanji,
1994). In such cases, the friction angle of infill may be replaced in the proposed model
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by the friction angle mobilised at the interface. Interfacial phenomena may be
pronounced for very thin infills (t/a<<1).
The above model was verified with the experimental data obtained from direct shear
tests conducted under constant normal stiffness (CNS) conditions as reported by
Indraratna et al. (1999) and Indraratna et al. (2005). Although results for different infill
materials (clay and clayey-sand) and roughness profiles were verified, only a selected
set of data for bentonite-infilled joints with io = 18.5º is presented here. The proposed
model (Equation 5.9) fits the laboratory data very well as shown in Figure 5.9 for
varying t/a ratios and initial normal stress levels. All parameters used are presented in
Table 5.1 and the Fourier coefficients in Table 5.2. The results for the clean joint are
also presented for comparison purposes, emphasising the effect of the infill.

Table 5.1 - Parameters of the proposed criterion for experimental data (bentonite infill)
Infill
Basic
Initial
normal friction friction
(t/a) c1
angle
angle
load
(kPa)
φfill
φb
300
37.5º
24.5º
0.3 3
560
37.5º
24.5º
0.3 3
1100
37.5º
24.5º
0.3 3
300
37.5º
24.5º
0.6 4
300
37.5º
24.5º
1.0 7
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c2
0.05
0.05
0.05
0.10
0.15

kcns
ks
(kPa/mm) (kPa/mm)
310
320
410
260
150

177
358
459
143
133
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Figure 5.9 – Verification of proposed criterion with experimental data (bentoniteinfilled idealised saw-tooth joint).
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Table 5.2 - Fourier coefficients for experimental data (bentonite)

Initial
normal (t/a)
a0
load
(kPa)
300
0.3
1.613
560
0.3
2.023
1100
0.3
1.664
300
0.6
1.353
300
1
0.00331
300
560
1100
300
300

0.3
0.3
0.3
0.6
1

a1
-0.385
-0.889
-0.617
-0.239
0.05

a2

a3

a4

a5

-0.186
-0.09
-0.051
-0.033
-0.11
-0.039
-0.02
-0.012
-0.111
-0.046
-0.025
-0.016
-0.146
-0.073
-0.043
-0.028
0.00996 0.00319 0.00088 -0.0002

b1
-0.544

b2
-0.092

-0.225
-0.478
-0.552
-0.126

-0.019
-0.064
-0.185
-0.062

b3
-0.02

a6

a7

-0.023
-0.008
-0.011
-0.02
-0.0008

-0.016
-0.0056
-0.0083
-0.015
-0.0011

b4
b5
-0.0028 0.00231

b6
0.004

b7
0.0045
-0.0008 0.00241 0.00305 0.00304 0.00286
-0.021
-0.01
-0.006 -0.0041 -0.003
-0.065
-0.031
-0.018
-0.012 -0.0083
-0.0085
-0.03
-0.019
-0.013
-0.01

5.3.1. Peak shear strength and effect of initial infill thickness
The shear displacement at peak shear strength, up, can be found by differentiating
Equation (5.9) with respect to us and putting the result equal to zero, thus:
∂τ
=0
∂u s

(5.11)

The peak shear strength is then found by substituting up into Equation (5.9).
The proposed model is also able to capture the effect of different initial infill
thicknesses as observed in Figure 5.9. For t/a > (t/a)cr (non-interfering zone) the sliding
surface does not touch the rock asperities. Therefore, the squeezing factor η is expected
to reach zero when its empirical constants tend to high values. Also, no dilation is
expected (i.e. i = 0) once rock-to-rock contact does not take place. Therefore, for t/a >
(t/a)cr Equation (5.9) will reduce to:
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τ = σ n tan (φ fill )

(5.12)

For a clean joint (t/a = 0), η is expected to be 1, and the shear stress is expressed by
simplifying Equation (5.9) to:

 tan (φb ) + tan (io ) 

1 − tan (φb ) tan (i ) 

τ ' = (σ no + k cns u n )

(5.13)

Figure 5.10 shows the squeezing factor with varying initial thickness to asperity height
ratio. It is verified that, in terms of peak shear strength with varying t/a ratio, the current
model is similar to the semi-empirical conceptual model proposed by Indraratna et al.
(2005). Within the interfering zone, the overall strength of infilled joints is the sum of
the influence of both, infill material and rock interface components. Within the noninterfering zone, it is a function only of the infill strength. Therefore, the normalised
peak shear stress model (Equation 4.5 plus the original function B in Equation 4.4) is a
special case of the more generalised model proposed here (Equation 5.9).
The proposed criterion was also verified against the data presented in section 4.1.5
(Figure 4.5). As the infill material showed cohesion, Equation (5.9) has been modified
slightly to:
 tan (φ b ) + tan (io ) 

η + tan (φ fill + i )(1 − η ) + c fill
1 − tan (φb ) tan (i ) 


τ ' = (σ no + k cns u n )

(5.14)

For t/a greater than the critical value, (t/a)cr = 1.5, Equation (5.12) may be applied with
the value of the cohesion added. All parameters and constants are presented in Table
5.3. As verified in Figure 5.11 the proposed shear strength criterion fits the laboratory
measurements with good accuracy.
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Figure 5.10 – Squeezing factor with varying initial t/a ratio

Table 5.3 - Parameters of the proposed criterion for experimental data (clayey sand).
Infill
Basic
Initial
kcns
ks
normal friction friction
(t/a) c1
c2
angle
angle
(kPa/mm) (kPa/mm)
load
(kPa)
φfill
φb
800
35.5º
27.5º
0.5 1.7 0.01
453
400
800
35.5º
27.5º
1.0 3.0 0.01
453
300
800
35.5º
27.5º
1.5 NA NA
453
250
800
35.5º
27.5º
2.0 NA NA
453
250
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Figure 5.11 – Verification of the proposed criterion with experimental data (clayey
sand-infilled idealised saw-tooth joint).
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5.4.

EXTENSION OF THE SOIL-INFILLED JOINT MODEL

The squeezing mechanism described by the factor η is dependent on the initial t/a ratio.
With a decreasing initial t/a ratio the factor η tends to unity and the model will convert
to the clean joint model proposed by Indraratna et al. (1999). In addition, for t/a >
(t/a)crit the model converts to a typical Coulomb slip model where the angle of dilation
in the second term on the right hand side of Equation (5.9) can be ignored, as proposed
by the authors. All these conversions have to be done manually by the user. Moreover,
although predicting the peak shear strength with reasonable accuracy, it was found that
the model proposed above does not describe post-peak behaviour in cases of
pronounced asperity degradation.
In order to better represent the post-peak behaviour of clean, rough joints and promote
an automatic conversion of the model across the range of infill thicknesses (i.e. from
clean to within the interfering zone and to the non-interfering zone without further
alteration of the expressions), a modification to the soil-infilled joint model is proposed
in the following.
Similarly to some of the well known existing joint models, such as the Barton-Bandis
and Continuously-yielding models that will be further discussed in Chapter 6, empirical
laws will be considered to reduce the mobilised friction with shear displacement at the
onset of shearing. An asperity interference factor which accounts for degradation is
introduced and a modified squeezing factor is proposed as following:

  tan(φb ) + tan(id ) 

 × (1 − η ) + tan(φ r ) × η 
  1 − tan(φb ) tan(i ) 


τ = σ n  
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u s × JRC

 100 × c1 × a × (t a ) 

η = exp −

(5.15a)

 (u s − u peak )2 × JRC 
+i
i d = (io − i ) exp −
2


100 × (c 2 × a )



(5.15b)

where c1 and c2 are empirical constants which control the rate of infill squeezing and
asperity degradation respectively. The dilation angle id increases with shear
displacement from the dilation angle expressed by Equation (5.15b) up to the initial
asperity angle, io, simulating the onset of asperity interference. Beyond the peak shear
displacement, id decreases simulating asperity degradation. It is of interest to note that in
the case of t/a=0, a=0 or c1=0 the user must enter a small number, say 10-5, to avoid
division by zero in the above expressions.
The peak shear displacement may be represented by:
u peak =

a
σ no−c3
tan (io )

(5.16)

where c3 is a curve fitting constant.
The value of the empirical constant c2 is found by best fit regression, while by
rearranging Equation (5.15a) the value of c1 may be estimated using the peak shear
strength by:





u peak × JRC


c1 =  −

 100 × ln A1  × a × (t a ) 
A 


 2



(5.17)

where
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A1 = tan(φ peak ) − A3

(5.17a)

A2 = tan (φ r ) − A3

(5.17b)

 tan (φb ) + tan (io ) 
A3 = 

1 − tan (φb ) tan(i ) 

(5.17c)

The squeezing mechanism described by the factor η given by Equation (5.15a), is
dependent on the initial t/a ratio and roughness. With shear displacement, the advancing
asperities approach each other and the infill material has to be “squeezed out”. As a
result, η decreases and the stresses are gradually transferred to the rock interface. As
depicted in Figure 5.12 the influence of the infill material is expected to be greater for
thicker infilled joints at a given displacement and the same value of c1, whereas the rate
of infill squeezing increases with increasing JRC.

Figure 5.12 – Typical squeezing factor against shear displacement for (a) various t/a
ratios, and (b) various JRC values.
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The modified expression for η seems more physically sound and better demonstrates the
influence of roughness and the t/a ratio in the squeezing mechanism.
The dilation angle id increases with the shear displacement from the dilation angle
expressed by Equation (5.15b) up to the initial asperity angle, io, simulating the onset of
asperity interference. Beyond the peak shear displacement, id decreases capturing
asperity degradation as depicted in Figure 5.13. The asperity interference factor better
indicates the beginning and end of the second phase of the shearing mechanism as
explained in section 5.2.
Figure 5.14 shows good agreement of the modified soil-infilled joint model with the
experimental data for the clay-infilled sandstone tension joints presented in Figure 4.6.
The parameters are presented in Table 5.4.

Figure 5.13 – Exponential component of asperity interference and degradation factor.
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Table 5.4 - Soil-infilled joint model parameters for sandstone tension joints.

σno

t/a

φb

φr

io

310
0
37º 27º 20
310 0.25 37º 27º 20

JRC
14
14

a
(mm)
5.00
5.00

c1

c2

8
8

0.1
0.1

ks
upeak
(mm) (kPa/mm)
600
0.72
600
3.86

Figure 5.14 – Prediction of the soil-infilled joint model for sandstone tension joints
under CNS condition.

5.5.

CONSTITUTIVE EQUATIONS FOR NUMERICAL CODES

Numerical analyses are often essential components of the design of urban tunnels in
order to evaluate the interaction of the geo-structure with other structures in the vicinity
of the excavation (buildings, public services, driveways etc.), as well as for the design
of the support and to establish alert limits during construction. Therefore, for practical
applications, it is important to implement the soil-infilled model in numerical codes.
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The general stress-strain relation for an elastic-plastic joint can be obtained from the
linear stress strain relation and the consistency condition. In order to compute the plastic
strains, the yield function F(σ,y), the plastic potential function G(σ,yd) and a hardening
rule must be defined for the joint.

5.5.1. Yield function
A simple yield function may be assumed as:
F (σ , y ) =

τs
−y=0
σz

(5.18)

where y gives the size of the present yield surface with y = tanφm, φm is the mobilised
friction angle, σz is the stress component normal to the joint plane and τs is the resultant
shear stress acting in the plane of the joint given by:

τ s = τ zx2 + τ zy2

(5.19)

τzx and τzy are the stress components acting in the joint with respect to a local reference
system.
The yield function given by Equation (5.18) plots as a cone with the axis along σz in
(τzx , τzy, σz) stress space (Figure 5.15).
The derivatives of the yield function are:

 ∂F   τ zx 
 


 ∂τ zx   σ zτ s 
{a f } =  ∂F  =  ∂F  =  τ zy 
 ∂σ   ∂τ zy   σ zτ s 
 ∂F  − τ s 
 ∂σ   σ z2 
 z
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τzy

tanφ
1

τs
σz

τzx
Figure 5.15 – Yield surface for joint element.

5.5.2. Flow rule
If the yield function given by Equation (5.18) is adopted as the plastic potential, the
model will predict dilation at failure irrespective of the normal stress value. Therefore,
in order to allow for different dilatational behaviour, a different function is assumed for
the plastic potential which follows the same mathematical expression as Equation (5.18)
given by:

G (σ , y d ) =

τs
− yd = 0
σz

(5.21)

where yd is the tangent of the joint’s dilation angle (i.e. yd = tani). If one assumes equal
values for the friction and dilation angles, the flow rule will be associated. If one sets yd
= 0, the flow rule is non-associated and no dilation will be produced at failure (Figure
5.16).
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τs

F(σ,y)=0

y = tanφm

G(σ,yd)=0

1

y = tani

σz

Figure 5.16 – Plastic potential and yield function for joint element.
The plastic potential gradient takes the same form as the yield function gradient, hence:

 ∂G   τ zx 
 


 ∂τ zx   σ zτ s 
{ag } =  ∂G  =  ∂G  =  τ zy 
 ∂σ   ∂τ zy   σ zτ s 
 ∂G  − τ s 
 ∂σ   σ z2 
 z

(5.22)

5.5.3. Hardening/softening
The internal variable y gives the size of the present yield surface (Figure 5.17). For an
elastic perfectly plastic joint, it gives the relation between shear and normal stress at
failure, i.e., the tangent of the interface’s friction angle (φ). For a hardening joint
element, it is a measure of the maximum stress ratio so far experienced by the joint.
In this study, the accumulated shear displacement was adopted as the hardening variable
(h = us). The yield surface size varies with the shear displacement and is already
represented in Equations (5.9) and (5.15) by means of the squeezing factor and the
asperity interference factor. Therefore, the variable y hardens or softens according to:
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 tan (φb ) + tan (io ) 
y=
η + tan (φ fill + i )(1 − η )
1 − tan (φb ) tan (i ) 

(5.23)

if the original soil-infilled joint model (Equation 5.9) is to be used or:
  tan (φb ) + tan (id ) 

y =  
 × (1 − η ) + tan (φ r ) × η 
 1 − tan (φb ) tan (i ) 


(5.24)

for the modified soil-infilled joint model (Equation 5.15).

τs
y=tanφpeak
y=tanφm
y=tanφfill

σz

Figure 5.17 – Hardening of joint element.

5.5.4. Stress-strain relationship
The initial stress-strain relation is assumed to be elastic. The normal and shear stress
components (σ’ and τ) are directly related to the relative normal and shear
displacements as follows:
τ zx  k sx
  
τ zy  =  0
σ   0
 z 

0
k sy
0

0  ∆u sxe 


0  ∆u sye 
k n   ∆u ne 

or
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where ks and kn are the shear and normal stiffnesses of the joint, respectively, having
dimensions of stress divided by displacement, [F/L3], for instance [kN/m3]. The vector
{∆ue} represents the elastic portions of the relative displacement increments.
The total stress-strain relation is given by the elastic-plastic matrix [Duep] that is then
given by:

{∆σ } = [Duep ]{∆u}

[D ] = [D ]− 1 {b }{b } = [D ]− [D ]
e

ep

T

u

β

g

e

f

u

p

(5.26)

u

where,

{b } = [D ] dG = [D ].a
e

g

u

e

dσ
dF
e
= Du .a f
dσ
u

g

{b } = [D ]
[ ]
β = {a } {b }
e

f

u

T

f

g

The final elastic-plastic matrix is now given by:
 k s (τ s2 − τ zx2 )

τ s2

[Duep ] =  − ksτ zx2τ zy
τs

0



−

k sτ zxτ zy

τ

2
s

k s (τ − τ zy2 )
2
s

τ s2
0

k nτ zx 
σ z 
k nτ zx 
σz 

kn 


(5.27)

For two-dimensional problems: τzy=0 and τs= τzx, thereby eliminating the second row
and column in the matrix in Equation (5.27) to obtain:


[D ] = 0
ep
u

0

k nτ s 
σz 

kn 
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Therefore, for a stress point on the yield surface, any arbitrary loading relative
displacement increment (∆us, ∆un) will produce a stress increment given by:
 ∆τ s 

 = [∆u s
∆σ n 


0
∆u n ]

0

k nτ s   k nτ s

∆u n 


σz =  σn


k n   k n ∆u n 

(5.29)

As a result, the stress path will follow along the failure line according to:
k nτ s

∆u n
∆τ s
σn
τ
=
= s = tan φ m = y
∆σ n
σn
k n ∆u n

(5.30)

The above constitutive equations were implemented in the proprietary codes FLAC3D
and UDEC.

5.5.5. Validation against experimental data
In order to verify the implementation of the soil-infilled joint model in FLAC3D, the
results of triaxial tests conducted on clay-infilled, synthetic rock joints with t/a = 0.5, as
reported by Indraratna and Jayanathan (2005), were modelled (Figure 5.18). The
response of the soil-infilled joint model (Equation 5.15) is also compared against the
prediction of a conventional Coulomb slip joint model available in the code. The peak
friction of the clay-infilled joint was determined as φpeak= 41º.
The hardening behaviour observed in the experimental results is caused by the increase
in joint roughness influence with displacement which is captured by the soil-infilled
joint model due to the concepts of infill squeezing and asperity interference (shearing
phase II). Similar behaviour was also reported by de Toledo & de Freitas (1993). This
hardening/softening behaviour is not described by conventional joint models such as the
Coulomb slip, Barton-Bandis and continuously-yielding models (Figure 5.18). As a
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result, an overestimation of the shear strength is observed in the first and second phase
of the shear-strain curve, thus, under-predicting the joint shear displacements. Figure
5.18 shows a good agreement of the soil-infilled joint model for both shear-strain and
normal displacement data, whereas the Coulomb slip model overestimates the shear
strength for axial strain lower than the peak as discussed earlier. The parameters for the
soil-infilled joint model are presented in Table 5.5.

3D model

Figure 5.18 – Prediction of joint models for triaxial tests on clay-infilled joints.

Table 5.5 - Soil-infilled joint model parameters for triaxial test on clay-infilled joints.

σ3

t/a

φb

φr

io

200 0.5 37º 24º 18
500 0.5 37º 24º 18

JRC
18
18

upeak
a
kn
ks
c1
c2
(mm) (kPa/mm) (kPa/mm)
(mm)
1.5e10
3.0e8
2.00 0.85 0.15 4.1
2.00 0.85 0.15 3.5
1.5e10
1.5e9
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5.6.

MODEL LIMITATIONS

The proposed criterion for shear-displacement of soil-infilled rock discontinuities has a
number of limitations. Firstly, the Fourier series adopted for modelling joint dilation
requires the determination of its constants for different levels of initial normal stress
under the appropriate boundary condition (i.e. CNS or CNL). In addition, piecewise
linear interpolation is used for intermediate values of normal stress (i.e. values not
tested). As mentioned earlier, there are numerous uncertainties in analysing and
predicting dilation in practice, and like other methods used for modelling dilation, the
Fourier series should be carefully considered. Secondly, the scale effects (i.e. the effects
of changes in joint surface wave length and asperity height) were not examined. The
single value for t/a ratio assumed for the joint is also a simplification and might not
fully represent natural infilled joints where the infill thickness may considerably vary
along its length. The limitations imposed by the need for empirical constants, relies on
the ability to obtain them from available test procedures, joint mapping and curve
fitting. Finally, although the model has been validated against idealised infilled joints,
including both regular (saw-toothed) and natural profiles, its application is still
constrained by the need for further validation of more realistic infilled joints.

5.7.

CONCLUDING REMARKS

This chapter presented some aspects of the possible shearing mechanisms that would
occur in soil-infilled rock joints, and a corresponding joint shear strength criterion was
proposed. This new model which is capable of describing the shear-displacement
behaviour of infilled rock joints, considers the effects of a number of governing
parameters such as the friction angle of the infill material φfill, the basic friction angle of
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the rock joint φb, the degradation of asperities and the infill thickness to asperity height
(t/a) ratio. Despite its limitations, the model extends the current understanding of the
shear behaviour of infilled rock joints with potential applications to rock slope
engineering and underground excavations in jointed rock masses.
The model fits a range of experimental data and demonstrates that the overall stressstrain behaviour can be described by the relative influence of the two joint components,
rock interface and infill material. In terms of varying infill thickness, the current model
maintains a similar fundamental behaviour to previous models, whereby for joints with
a thin clay infill (t/a < (t/a)cr), the stress-strain behaviour is influenced by asperity
interference. For thicker infill, the shear strength is controlled by the infill alone.
However, the proposed model takes the role of horizontal displacement more
completely into consideration.
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CHAPTER 6
6.

A COMPARISON BETWEEN MODELS OF ROCK DISCONTINUITY
STRENGTH AND DEFORMATION IN PRACTICAL APPLICATIONS

6.1.

MODELS OF DISCONTINUITY STRENGTH AND DEFORMATION

The shear and normal displacement of rock discontinuities and their shear and normal
stiffness can control the distribution of stress and displacement within a discontinuous rock
mass. Therefore, in conditions where an equivalent continuum based approach is not
applicable, a discontinuous approach should be used with appropriate joint material
models. The joint model adopted for the discontinuities should be able to describe
important mechanisms such as asperity sliding and shearing, post-peak behaviour, asperity
deformation, and the effect of a soft infilling.
Bandis (1990) grouped numerous studies of the shear behaviour of rock joints as
theoretical and empirical. The theoretical approaches usually utilise numerical methods
coupled with advanced constitutive laws to model the behaviour of the joint interface.
Although advanced mathematically, these constitutive laws are still empirically inspired by
the results of laboratory or field tests and do not explicitly model the kinematics of shear
development at the interface (Haberfield and Seidel, 1999). As a result, many practical
solutions are based on empirical approaches which involve the analysis of test data to
obtain a correlation between joint and material characteristics, and observed behaviour.
Consequently, most analyses may only be valid for limited rock formations (individual
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projects) but not for a universal application such as the JRC-JCS model developed by
Barton (1971, 1976) and Barton and Bandis (1982, 1990).
Smooth and clean discontinuities can be described well by the simple Coulomb law. The
Coulomb slip model is often used to describe the shear behaviour of infilled discontinuities
by taking the conservative shear strength parameters of the infill material alone, regardless
of its thickness. However, naturally occurring discontinuities are never as smooth as
artificially prepared surfaces where asperity sliding plays a significant role in the behaviour
of the joint, increasing the overall shear strength. At the onset of asperity shearing, a
displacement-weakening behaviour is usually observed. The Continuously-yielding and the
Barton-Bandis are more complex models that simulate this weakening behaviour as a
function of the accumulated plastic-shear displacement (Itasca 2000).
In the presence of soft infill material such as clay or granular soils, the shear strength may
be reduced when compared to clean joints but greater than the infill material alone,
depending on its thickness. The infill affects the shear behaviour of the joint, particularly
asperity sliding and shearing, and may not be entirely represented by the Coulomb slip,
continuously-yielding or Barton-Bandis model. The three models mentioned earlier are
further discussed in this chapter and their applicability to soil-infilled joints in practical
applications is compared with the soil-infilled joint model presented in Chapter 5.
6.2.

A SIMPLE ROCK SLOPE STABILITY PROBLEM

In order to demonstrate a simplified approach for using the soil-infilled joint model
(Equation 5.9) in practice, a hypothetical slope stabilisation problem, similar to that
presented in section 4.3.1 (Figure 4.10) is presented here comparing its solution to that
obtained using a Mohr-Coulomb slip model (M-C).
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A surcharge load F is applied at the crest of the slope by a mining rock dump. The initial
normal load, No, applied to the discontinuity (referred to subsequently as a joint) can then
be determined by:
N o = W cos(α j ) + F cos(α j )

(6.1)

The inclusion of structural elements introduces a normal constant stiffness to the joint at
small to moderate strains, which do not initiate yielding. Untensioned fully grouted bolts
would work effectively if the discontinuity plane dilates during shear movement. This
dilation will generate tensile forces in the bolts which depend on the bolt-grout stiffness.
The final normal load acting perpendicular to the joint plane is then described by:
N = No +

n
T sin(α j + β )
sh

(6.2)

where, n is the number of rock bolts in the slope cross-section, sh is the horizontal bolting
spacing, i.e. out of the section plane, T is the tensile force applied by one grouted bolt,
assuming that all bolts contribute with equal load, and β is the bolt angle with respect to
the horizontal. The tensile force T is given by Equation (4.12).
The final factor of safety is then found by:

τ
Fs =

H
n
+ T cos(α j + β )
sin(α j ) sh
W sin(α j ) + F sin(α j )

(6.3)

where τ is the resisting shear stress along the joint described by either Equation (5.9) or the
Mohr-Coulomb model.
As an illustrative example, the geometry of the rock wedge (Figure 4.10) is defined by a
height H=30.5m, a slope angle αs=80° and a joint angle αj=50°. The unit weight of the
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intact rock is given by γ=27.5kN/m3. The magnitude of F is 25,000 kN. The rock bolts
have a diameter of 63.5mm, effective bolt length Lb=1.0m, an inclination to the horizontal,

β=15°, spacing sh=1.4m and the number of bolts is n=30.
The bentonite-infilled joint presented in Figure 5.9 with t/a=0.3 is assumed to be
representative of the rock discontinuity. Assuming Eb=200 GPa, the normal stiffness
applied to the joint by all bolts is approximately kn=320 kPa/mm. The normal stress
applied to the joint plane can be calculated as:

σn =

N sin(α j )
H

(6.4)

As the initial normal stress applied to the joint is approximately 540 kPa, the parameters
for σno=560 kPa presented in Table 5.1 are used in Equation (5.9). The Mohr-Coulomb
model is described by:

τ = σ n tan(φ ' ) + c'

(6.5)

where φ' is the effective (drained) friction angle of the discontinuity and c' is the effective
cohesion intercept. Taking the peak values under CNS conditions for the bentonite-infilled
joint, a drained friction angle of 38° is determined with a negligible cohesion intercept
(Figure 6.1).
The joint normal displacement, which affects σn during shearing under CNS condition for
either Equation (5.9) or the Mohr-Coulomb model, is described by the Fourier constants
for σno=560 kPa and t/a=0.3 shown in Table 5.2.
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Figure 6.1 – Mohr-Coulomb envelope for bentonite-infilled discontinuity under drained
CNS conditions.
The mobilised strength to disturbing forces ratio (M/D) calculated for both models with
increasing shear displacement are shown in Figure 6.2. For shear displacements smaller
than that at peak shear stress, the M/D predicted with the Mohr-Coulomb model is up to
20% lower than that given by Equation (5.9). However, beyond the displacement at peak
shear stress, the Mohr-Coulomb model overestimates M/D by more than 30% since the
friction angle φ is not affected by the dilation angle and should be corrected. This helps to
further explain the failures of several rock slopes in the Kangaroo Valley, Australia, where
the conventional Coulomb analysis gives a factor of safety greater than unity, whereas
CNS models based that incorporate the dilatational component result in a factor of safety
of less than unity (Indraratna & Haque, 2000). It is important to remark that the difference
between the two models was minimised since the dilation used for the bolt tension force, T,
was modelled by Fourier Series in both cases.
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Mobilised strength / Disturbing forces

Figure 6.2 – Mobilised strength to disturbing forces ratio with increasing shear
displacement.
6.3.

EFFECTS

OF

CNS

BOUNDARY

CONDITION

ON

A

CAVERN

EXCAVATION AND IMPLICATION OF SOIL INFILLED-JOINTS
In urban areas, the alignment of a tunnel is often based on public demand. Moreover, the
depth is often limited by operation and maintenance costs. As a result, the tunnelling
engineer often faces difficult geological conditions (e.g soft soils, weathered rock masses)
in addition to the risks associated to shallow underground excavations.
In order to further illustrate the application of the soil-infilled joint model, a numerical
analysis of a cavern excavation for a metro station is presented using the distinct element
program UDEC (Itasca, 2000). Although it is a hypothetical example, the typical
dimensions and geological conditions are realistic.
The cavern is excavated at a depth of 36m, 18m wide and 14m high. A clay layer is
encountered up to a depth of 18m underlain by weathered rock. The rock mass is fractured
with two major joint sets, sub-vertical and sub-horizontal. Most joints are infilled with clay
and a statistical distribution (spacing, length, angle etc.) is assumed in the generation of the

Chapter 6 – A comparison between existing models of rock discontinuity strength and deformation

187

model. The final geometry of the problem is shown in Figure 6.3. The thin rock layer at the
roof of the excavation indicates that the tunnel stability will largely depend on the shear
strength of the joints.

τ
CNS
SOIL
CNL

us
ROCK

Figure 6.3 – Cavern model geometry emphasising a CNS condition.
Only the unsupported cavern is modelled and no sequential excavation, pre-supporting or
face effects are taken into account. This is usually the preliminary model in such designs to
obtain an appropriate ground reaction curve (GRC).
Both soil and intact rock are assumed to have elastic-perfectly plastic shear behaviour
described by a Mohr-Coulomb (M-C) model. The required parameters are shown in Table
6.1, where γ is the unit weight, K is the bulk modulus, G is the shear modulus, φ is the
material friction angle, c is the cohesion intercept and σt is the tensile strength.
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Table 6.1 - Soil and intact rock parameters.
Material
Soil
Rock

γ

kN/m3
18
26

K
MPa
50
8500

G
MPa
30
3800

φ
o

30
35

c
MPa
0.05
1.5

σt
MPa
0.0
0.5

The strength parameters for the shear behaviour of the soil-infilled joints are obtained from
direct shear test under CNS condition performed on clay-infilled joints. However, in order
to illustrate some of the relevant factors, four different cases are analysed. In the first case,
regarded as C1, the shear strength is assumed equal to that of the infill alone with no
dilation, in spite of the roughness and the existing t/a ratio of the joint. For this case, a M-C
slip model is assumed. It is interest to note that this assumption has been common practice,
i.e. the shear strength of soil-infilled joint equal to that of the soil alone. In order to
demonstrate the influence of the joint roughness and the effect of CNS condition, a dilation
angle is considered in the second case (C2) but without affecting the friction angle of the
infill. In C3, the joint behaves also as M-C slip model but the actual strength parameters of
the clay-infilled joints are used. The CNS yield criterion proposed earlier (Equation 5.9)
has been implemented in UDEC by means of a Fish subroutine and is used in the final case
C4 based on the same laboratory tests as in C3. A detailed discussion on the constitutive
equations to be implemented in numerical codes is presented in Chapter 5, section 5.5. The
four cases are summarised in Table 6.2.
6.3.1. Calibration of joint models
The same rock joint used in the previous example (section 6.2), i.e. the idealised bentoniteinfilled joint with t/a=0.3, is assumed to be representative of the joints in the current
analysis. The laboratory tests (DST-CNS) are modelled in UDEC in order to verify the
implementation of the criterion proposed above and the applicability of the M-C slip
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model. The springs were represented in the UDEC model as elastic solid elements with
parameters adjusted to give the same normal stiffness applied in the actual test (kn =
453kPa/mm). The elastic modulus of the spring solid elements are then found by E = knL,
where L is the total length of the solid elements. A schematic representation of the model
used in UDEC is shown in Figure 6.4.
Table 6.2 - Summary of study cases.
Case

Model

C1
C2
C3
C4

M-C slip
M-C slip
M-C slip
Indraratna et al. (2008)

Strength
Dilatio
Parameters
n
soil infill
no
soil infill
yes
soil-infilled joint
yes
soil-infilled joint
yes

σn
Springs
Specimen
(top)

Joint

τ

(bottom)

Figure 6.4 – Model of direct shear test under CNS conditions used in UDEC.
It is important to remark that the value of the peak friction angle 38° found in Figure 6.1
includes the dilation angle, which is only valid up to the displacement at maximum
dilation. If the dilation angle is not discounted from the total friction angle beyond that
displacement, the M-C slip model will overestimate the shear strength of the joint as seen
in the previous slope stability example. Therefore, the friction angle should be subdivided
into two components, i.e. φ = φu + i, where i is the average dilation angle, which is set to
zero in UDEC once the displacement at maximum dilation is attained, in order to avoid an
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infinite dilatational behaviour; and φu is the ultimate friction angle. The average dilation
angle can be found using Equation (5.9a) taking un as the maximum dilation from the
normal displacement data of the laboratory test (Figure 5.9). The parameters for the M-C
slip model are summarized in Table 6.3. The normal stiffness, kn, the shear stiffness, ks,
and dilation angle are dependent on the initial normal stress applied. Similar behaviour has
been observed in some sedimentary rocks in which the elastic modulus depends on the
confining pressure applied (Santarelli et al., 1986, Indraratna, 1990).
Table 6.3 - M-C slip model parameters.

σno
(MPa)
300
560
1100

kn
(MPa/m)
600
700
1200

φu

ks
(MPa/m)
280
320
450

i

o

o

31.5
31.5
31.5

6.5
7.0
6.5

Disp. @ max dilation
(mm)
13
13
13

The main parameters for the new criterion are shown in Table 6.4. The value of uo is zero
for all three initial normal stresses. The Fourier constants are found by performing
conventional harmonic analysis of Fourier Series on the normal displacement data. Further
details can be found in Indraratna et al. (2008).
Table 6.4 - Model parameters of proposed shear-displacement criterion.

σno
MPa
300
560
1100

kn
MPa/m
600
700
1200

ks
MPa/m
280
320
450

φb

φfill

io
o

c1; c2

o

37.5
37.5
37.5

24.5
24.5
24.5

18.5
18.5
18.5

3.0; 0.05
3.0; 0.05
3.0; 0.05

o

The results of the numerical analysis performed in UDEC are presented in Figure 6.5.
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2500
300 kPa

σno (experimental data)

560 kPa

2000

Shear stress (kPa)

1100 kPa
Indraratna et al. (2008)

1500

M-C slip model (CNS parameters)

1000

500

0

Normal stress (kPa)

2000

1500

1000

500

0
0

5

10

15

20

Shear displacement (mm)

Figure 6.5 – UDEC model of direct shear tests under CNS condition on bentonite-infilled
joints.
It is noted that the proposed yield criterion better describes the entire shear-displacement
curve, particularly the post-peak behaviour. Although predicting the magnitude of the peak
shear stress with reasonable accuracy, the M-C slip model results in a larger displacement
at which it is attained. The sudden drop in shear strength shown in Figure 6.5 is the result
of the dilation angle being set to zero to avoid infinite dilation and overestimation of the
shear strength, as mentioned earlier.
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6.3.2. Cavern excavation
The four cases listed in Table 6.2 were run in UDEC using the parameters presented in the
previous section. For comparison purposes, only the settlement trough of the excavation is
presented in Figure 6.6.

C1

C3

C2

C4

Figure 6.6 – UDEC models of cavern excavation for the four cases analysed.
When the shear strength of the joint is taken as the strength of the infill alone, collapse of
the roof occurs (Figure 6.6-C1). As mentioned earlier, this assumption is still common
practice which results in a conservative approach. The four loose blocks, shown in Figure
6.6-C1, are observed in all four cases and could be stabilised by bolting. They are deleted
in the other cases in order to reduce the scale of the settlement plot. Although still
indicating potential collapse, the settlement at the surface decreases from 700 mm in C1 to
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65mm in C2 if the friction angle of the joints is still that of the infill alone but dilation is
considered (i.e. still not affecting the overall friction angle of the joint). This clearly
demonstrates the importance of the CNS boundary condition when determining the joint
parameters and shear behaviour. If the actual strength of the joint is modelled by a
simplified but less conservative approach, using the M-C slip model, the settlement at the
surface drops to 29 mm. Using the yield criterion proposed earlier the settlement is further
reduced to 19 mm, resulting in a difference of approximately 50% when compared to the
M-C slip model (C3). This difference is mainly due to the larger displacement at peak
shear stress in the M-C slip model and the slight underestimation of the shear strength
post-peak. Therefore, considering that the new yield criterion better described the shear
behaviour of the joints as shown in Figure 6.5, the settlement predicted in C4 could better
represent the joint behaviour as in the field, requiring less support measures.

6.4.

APPLICATION OF CLEAN-ROUGH DISCONTINUITY MODELS TO

PREDICT THE BEHAVIOUR OF SOIL-INFILLED JOINTS
In the absence of models for soil-infilled joints, one of the options for the practicing
engineer is to adopt some of the existing models for rough joints (e.g. the Barton-Bandis or
the Continuously-yielding model), making the necessary assumptions to account for the
presence of the infill material. Two of the most well known joint models are discussed in
the following, in order to investigate their ability to model the shearing mechanisms of
soil-infilled joints.
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6.4.1. Barton-Bandis model
The Barton-Bandis model is based on a series of empirical relations to describe the effects
of surface roughness on discontinuity deformation and strength (Itasca 2000). The peak
shear strength of clean, rough joints could be estimated by the following non-linear
relationship:

τ = σ n tan (φ b + JRC n log 10 ( JCS n σ n ))

(6.6)

where σn is the applied normal stress, φb is the basic friction angle of the rock joint, JRCn is
the field-scale joint roughness coefficient and JCSn is the field-scale joint compressive
strength. JRCn and JSCn are estimated by:

L
JRC n = JRC o  n
 Lo





L
JCS n = JSC o  n
 Lo





−0.02 JRCo

(6.7)

−0.03 JRC o

(6.8)

where JRCo is the laboratory-scale joint roughness coefficient, JCSo is the laboratory-scale
joint compressive strength, Ln is the field-scale joint length and Lo is the laboratory-scale
joint length.
Equation (6.6) was later modified to better model the shear-displacement behaviour. The
concept of mobilised roughness JRCmob, was introduced and the shear strength given by:

τ = σ n tan (φb + JRC mob log 10 ( JCS σ n ))

(6.9)

The mobilised roughness coefficient JRCmob is empirically reduced to account for asperity
shearing and damage as a function of the normalised shear displacement us/upeak, as shown
in Figure 6.7. The peak shear displacement, upeak, is estimated by:
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u peak

L  JRC n
= n 
500  Lo





0.33

(6.10)

Figure 6.7 – Dimensionless model for shear stress-displacement modelling (modified from
Barton. 1976).
The incremental shear stress and shear displacement are then described by:
 tan (0.75φb ) 
L
∆τ = ∆u sσ n 
 0.2u

peak



for (us/upeak) < 0.2

(6.11)

 tan (0.25φb ) 
L
∆τ = ∆u sσ n 
 0.1u

peak



for (us/upeak) > 0.2

(6.12)

The mobilised normal displacement is defined as:

∆u n = ∆u s tan (0.5 JRC mob log10 (JCS σ n ))

(6.13)
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6.4.2. Continuously yielding model
The continuously yielding joint model proposed by Cundall and Hart (Itasca 2000),
intended to simulate the internal mechanism of progressive damage of the joint asperities
under shear. The basic concept of this model can be summarised as follows.
a) The shear-stress versus shear displacement curve always tends towards a “target” shear
strength for the joint, i.e., the instantaneous gradient of the curve depends directly on the
difference between strength and stress.
b) The target shear strength decreases continuously as a function of the accumulated plastic
displacement.
c) The angle of dilation is the difference between the apparent friction angle (determined
by the current shear stress and normal stress) and the residual friction angle.
The response to normal loading is expressed incrementally as:

∆σ n = k n ∆u n

(6.14)

where ∆un is the normal displacement increment and kn is the normal stiffness which is
dependent on the applied normal stress and is given by:

k n = a nσ nen

(6.15)

where an and en are constants experimentally determined.
For shear loading the model displays non-linear behaviour from the onset of shearing
(Figure 6.8). The shear stress increment is calculated as:

∆τ = Fk s ∆u s

(6.16)
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Shear stress (τ)

Fks

Shear displacement (us)
Figure 6.8 – Continuously-yielding joint model (modified from Itasca 2000)
In the above the shear stiffness ks, is also stress dependent and given by:

k s = a sσ nes

(6.17)

where as and es are constants found experimentally.
The shear stiffness is controlled by a factor F, which depends on the distance from the
current stress curve to the “target” strength curve or bounding strength curve τm, (Figure
6.8) and is given by:

F=

1−τ τ m
1− r

(6.18)

In Equation (6.18) τ is the current shear stress τm is failure stress at a given plastic
displacement and r is a factor initially set to zero. The factor r intended to restore the
elastic stiffness immediately after a load reversal. At the onset of a load reversal r is set to
a value of τ/τm, thus F to1. The bounding strength curve is given by:

τ m = σ n tan (φ m )

(6.19)
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where φm is the mobilised friction angle which includes asperity sliding and shearing. As
damages accumulate, this mobilised angle is continuously reduced according to the
equation:

∆φ m = −

(φ m − φb )
a

∆u sp

(6.20)

where a is the amplitude of joint roughness with a dimension of length and ∆usp is the
plastic displacement increment as a function of the shear displacement increment ∆us,
defined as:

∆u sp = (1 − F ) ∆u s

(6.21)

The joint damage or asperity degradation is governed by the following empirical
exponential law:

φ m = (φ mi − φ b )exp (− u sp a ) + φ b

(6.22)

where φmi is the initial friction angle usually taken as the basic friction angle plus the initial
asperity angle, φb + io.
The current dilation angle is then calculated as:

i = tan (τ σ n ) − φ b

(6.23)

6.4.3. Model predictions
Based on the discussion above, it can be observed that, similarly to the soil-infilled joint
model, both Barton-Bandis and Continuously-yielding models assumed empirical laws to
reduce the mobilised friction with shear displacement at the onset of shearing. Therefore, it
seems possible to use those models to predict the behaviour of soil-infilled joint making
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the necessary adjustments to some of their input parameters. In this sense, the applicability
of the models previously discussed was investigated for a natural joint profile with varying
infill thickness reported by Papaliangas et al. (1990). Due to the availability of both
Barton-Bandis and Continuously-yielding models in the distinct element code UDEC, it
was used to simulate the direct shear tests carried out by Papaliangas et al (1990). The soilinfilled joint model (Equation 5.15) was implemented in the distinct element code UDEC
and the predictions of the three different models were compared with the experimental
data.


Experimental data and material properties

To achieve reproducibility and different infill thicknesses and normal loads for the same
joint profile to be tested, Papaliangas et al. (1990) used plaster to cast the impressions of a
natural coarse grained sandstone discontinuity and joint specimens. The joint profile
selected for the current investigation had a joint roughness coefficient JRC=10 with a mean
roughness amplitude a=7.0 mm (Figure 6.9). The synthetic rock had an unconfined
compressive strength σc = 3.5 MPa and Young′s Modulus E=600 MPa characterising a soft
sedimentary rock. Direct shear tests on cut samples showed a basic friction angle of

φb=31°. Pulverised fuel ash (PFA) is a non-cohesive, fine grained material that was used as
infill material. Direct shear tests on this material showed a friction angle of φfill=31°. The
shear strength at the interface was lower than the infill which resulted in a friction angle of

φr=24° for the cut infill samples and φr=21° for the polished infill joint surface samples
(Figure 6.10). The value of the critical t/a ratio, beyond which the infill alone governs the
shear behaviour, was 1.5.
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Figure 6.9 – Natural joint profile (modified from Papaliangas et al. 1990)

Figure 6.10 – Mohr-Coulomb envelopes for infill material and saw-cut joints (modified
from Papaliangas et al. 1990)



Numerical modelling of direct shear tests

A simulation of direct shear tests under a constant normal stress of σn = 75 kPa is
presented in this section in order to validate the implementation of the soil-infilled joint
model in UDEC for future numerical modelling. The schematic representation of the test as
modelled in the distinct element code UDEC is shown in Figure 6.11
The Barton-Bandis and Continuously-yielding model are existing models in UDEC. The
parameters used in the analysis for every model with varying thicknesses of infill are given
in Table 6.5 to Table 6.7.
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Figure 6.11 – Schematics of UDEC model of direct shear tests under CNL condition.

Table 6.5 - Barton-Bandis model parameters.
t/a

φr

JRC

JCS

clean
0.11
0.24
0.74

31º
40º
21º
21º

10
10
10
10

3.50
0.20
0.14
0.07

kn
(kPa/mm)
500
500
500
500

ks
(kPa/mm)
30
30
30
30

Table 6.6 - Continuously-yielding model parameters.
t/a

φmi

φr

clean
0.11
0.24
0.74

50º
44 º
35º
28 º

31º
40 º
32 º
28º

a
(mm)
7
7
7
7

kn
(kPa/mm)
500
500
500
500

ks
(kPa/mm)
30
30
30
30

Table 6.7 - Soil-infilled joint model parameters for natural joint profile.
t/a

φb

φr

io

JRC

clean
0.11
0.24
0.74

31º
31º
31º
31º

21º
21º
21º
21º

18
18
18
18

10
10
10
10

a
c1
(mm)
7
10-5
7
0.3
7
1.0
7
1.0

c2
1.0
2.0
1.0
2.0

kn
ks
(kPa/mm) (kPa/mm)
500
30
500
30
500
30
500
30

As the Barton-Bandis model was developed for clean joints, the input parameters must be
adjusted to suit the soil-infilled joint. The JRC of this joint was assumed to be constant for
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increasing thickness whereas the JCS was reduced due to the presence of the infill
material. In addition, instead of using the basic friction angle of the rock joint, the residual
friction angle determined experimentally was used. Therefore, for the Barton-Bandis
model, the JCSfilled was back-calculated from the experimental data as:

(φr −φ peak )

JCS filled = σ n × 10

JRCn

(6.24)

where φpeak is the peak friction angle of the joint and φr is the residual friction angle, both
determined from direct shear test.
Similarly, for soil-infilled joints, the value of the initial mobilised friction angle φmi, of the
Continuously-yielding model was taken as the peak friction angle φpeak, and φr was used
rather than φb. The modified soil-infilled joint model is intended to model all three ranges
of infill thickness, i.e. clean joints, interfering zone and non-interfering, and no extra
modification was required. The Fourier constants for each t/a were found by performing
conventional harmonic analysis of Fourier Series on the normal displacement data gained
from a laboratory test. For the current analysis a value of Nh = 7 was adopted for all joints.
Because the friction angle at the interface between the infill and the rock wall was the
lowest, it was used as the residual friction angle φr, rather than the friction angle of the
infill. The value of the initial asperity angle io, can be estimated by tilt tests or found by a
statistical analysis of the joint profile, as proposed by Dight and Chiu (1981).
The predictions and experimental data are presented in Figure 6.12 and Figure 6.13. All
three models predicted the shear-displacement behaviour of the clean joint with reasonable
accuracy, including normal displacements. When t/a>0 the Barton-Bandis and the
Continuously-yielding models do not predict the correct normal displacement. It was also
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noted that Equation (6.10) of the Barton-Bandis model predicted smaller values of peak
shear displacement with the non-adjusted JRC for soil-infilled joints.
Despite the proposed method of modelling dilation by Fourier series in the soil-infilled
model, other relationships may be used. To verify the sensitivity of the soil-infilled joint
model with dilation, a piecewise linear form of dilation, similar to that proposed in the
Barton-Bandis model, was also adopted for the clean joint, i.e. t/a = 0. The same factors
applied to the mobilisation of JRC in Figure 6.7 were multiplied by the dilation angle at
peak shear stress observed experimentally. As shown in Figure 6.12, the model still
represents with reasonable accuracy both shear stress and normal displacement behaviours.
However, if this simplified approach is to be applied to soil-infilled joints the piecewise
factors should be modified according to the observed dilational behaviour.

Figure 6.12 – Predictions for clean joint and infilled with t/a = 0.11 under σn = 75 kPa.
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Figure 6.13 – Predictions for soil-infilled joint with t/a = 0.24 and t/a = 0.74 under σn = 75
kPa
Although not predicting the correct normal displacement behaviour, the Barton-Bandis
model and the Continuously-yielding model may be used for the natural joint profile in
discussion as the shear behaviour is represented within reasonable accuracy. On the other
hand, laboratory results have been reported showing a double peak shear stress or strain
hardening mechanism as previously discussed (de Toledo and de Freitas 1993, Indraratna
et al. 2008a, Indraratna and Jayanathan 2005). In these cases, neither the Barton-Bandis
model nor the Continuously-yielding model are able to represent the shear-displacement
behaviour correctly, overestimating the shear strength. This behaviour is better described
by the squeezing mechanism as proposed by the soil-infilled joint model. Figure 6.14
presents the prediction of the modified soil-infilled joint model and the Barton-Bandis
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model for a triaxial test on an artificial, clay-infilled, saw-tooth rock joint as reported in
Indraratna and Jayanathan (2005). The parameters used are presented in Table 6.8.

Figure 6.14 – Prediction for clay-infilled joint with t/a = 0.5 under σ3 = 500 kPa

Table 6.8 - Soil-infilled joint model parameters for saw-tooth joint profile.
t/a
0.5

φb

φr

io

37.5º 24º 18

JRC
18

a
(mm)
2

c1

c2

ks/σn

0.9

0.15

1.5

Dilation plays an essential role in underground excavations when the shear strength may
increase due to the surrounding stiffness (CNS condition). Because the Continuouslyyielding and soil-infilled joint models demonstrated a better prediction for the natural joint
profile in discussion, they are compared in a numerical simulation of an underground
excavation to examine the influence of dilation further. In addition, a third simulation of
the shear behaviour of the joints equal to that of the infill material alone was also
conducted to further examine the impact of such an assumption.
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6.4.4. Modelling a shallow cavern excavation in jointed medium
A similar example to that presented in section 6.3 was used in a numerical analysis of a
cavern excavation using the distinct element program UDEC, as an example of the models
described earlier. The joints are assumed to have the same properties as presented in Figure
6.12 for t/a=0.11, i.e. the joints are infilled with the same granular material. The values of
the Fourier constants, an and bn, for different levels of σno are interpolated in a piecewise
linear fashion from the values of σno tested. In addition, due to possible cycles of forward
and reverse shear, the dilation predicted with the Fourier series is reduced by 50% each
time the peak shear stress is passed, assuming the unloading slope equal to that of the
elastic loading. This value of 50% is also based on previous CNS tests on infilled joints
under forward-reverse cycles (Welideniya, 2005).
The 18m wide x 14m high cavern was excavated at a depth of 16m. There was a 10m layer
of soil over a layer soft, weathered rock. The rock was fractured into sub-vertical and subhorizontal joint sets. A statistical distribution (spacing, length, angle etc.) was assumed
when generating the model. The thin layer of rock at the roof of the excavation indicates
that the stability of the tunnel will depend largely on the shear strength of the joints. Both
soil and intact rock are assumed to have an elastic-perfectly plastic shear behaviour as
described by a Mohr-Coulomb (M-C) model. The required parameters are shown in Table
6.9, where γ is the unit weight, K is the bulk modulus, G is the shear modulus, φ is the
material friction angle, c is the cohesion intercept and σt is the tensile strength. For
comparison, the Continuously-yielding model and modified soil-infilled joint model are
used to simulate the rock joint with a thickness to asperity amplitude ratio t/a=0.11. The
parameters are shown in Table 6.6 and Table 6.7, respectively. A value of the in-situ
horizontal stress to vertical stress ratio ko = 0.5 was assumed.
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Table 6.9 - Soil and intact rock parameters for cavern excavation modelling.
Material
Soil
Rock

γ

kN/m3
18
26

K
MPa
50
8500

G
MPa
30
3800

φ
o

30
35

c
MPa
0.05
1.5

σt
MPa
0.0
0.5

It is important to note that in underground excavations, direct shear tests should be carried
out under constant normal stiffness (CNS) rather than constant normal loading (CNL). As
the tests carried out by Papaliangas et al. (1990) were under CNL conditions, the model
parameters used in the current study are only considered for the sake of comparison, but
noting that they may not be fully representative of the expected field behaviour.
A full face excavation was assumed with no previous support although forepoling at the
roof would be recommended. In order to simulate the effect of the excavation face and
installation of a support, gradual excavation is modelled by means of a stress relaxation
method (Karakus, 2007). The following procedure was used:
a. Determination of initial in situ stresses assuming that they are characterised by a k0
condition (ko = 0.5). The tunnel is fully excavated and nodal forces Po, equivalent to the in
situ stresses are applied along the perimeter of the excavation. These equivalent nodal
forces are used in subsequent stages of the simulation to estimate the imposed forces on the
perimeter of the excavation.
b. A relaxation of stress before excavation of the tunnel section, i.e. the stress state
induced within the soil mass before the heading reaches the section under evaluation; stress
relaxation during excavation is simulated by applying a fraction of the equivalent nodal
forces previously calculated along the perimeter of the tunnel, Pi = (1-λ)Po and the tunnel
is allowed to deform and attain equilibrium. The value of the stress relaxation ratio λ, was
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arbitrarily set to 0.8 for later evaluation of the longitudinal displacement profile of the
tunnel.
c. The remaining nodal forces Pi, are set to zero, a shotcrete lining was installed and the
model was allowed to deform and attain equilibrium.
It is important to remark that rock mass relaxation is another uncertainty in rock
engineering. The later simplified approach may not represent the actual rock mass
behaviour, particularly because of the plane strain condition and the effects of rock
structures in the out-of-plane. The use of a discontinuum 3D model should be preferred,
taking into account the effects of the discontinuities more comprehensively.
The properties of the shotcrete were, density ρ = 2500 kg/m3, Young′s Modulus E = 21
GPa, compressive strength σc = 40 MPa and tensile strength σt = 4 MPa. The thickness of
the shot-crete support was tshot=0.1 m.
The results after the installation of the support (i.e. step c) are presented in Figure 6.15 for
both joint models. No significant difference in vertical displacement or support induced
loads and moments was noted when a stress relaxation of 80% was applied prior to support
installation in both cases. The reason for this apparent indifference was because both
models predicted similar shear stresses. The main difference between the models lies in
predicting dilation. The Continuously-yielding model underestimated the dilation of the
soil-infilled joint with t/a = 0.11, as shown in Figure 6.7, whereas the modified soil-infilled
joint model accurately described normal displacement. As noted in Figure 6.15, a
maximum joint shear displacement of 7.6 mm occurred for a stress relaxation of 80% and
no significant dilation was mobilised. However, the distance from the face of the
excavation where the desired stress relaxation of 80% occurred will not be the same for the
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two models if dilation occurs. The concept of a longitudinal displacement profile (LDP) is
helpful to illustrate this difference, as explained below.

Figure 6.15 – Shotcrete lined tunnel with stress relaxation ratio λ=0.8 (a) Continuouslyyielding joint model (b) Modified soil-infilled joint model
The LDP is a graphical representation of displacements that occurs along the axis of the
tunnel and provides an insight into how quickly supports should be installed behind the
face of the excavation when it begins to interact with the rock mass. The construction of
the LDP is essentially a 3D analysis and preferably should be based on either field
instrumentation or 3D numerical analysis. If the far field stresses are assumed to be
constants, a 2D axisymmetric analysis may be used to construct the LDP. The empirical
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relationship proposed by Hoek et al. (2008) was adopted with only the purpose of
illustrating the difference between the Continuous-yielding model and the modified soilinfilled joint model. They proposed that the LDP is directly linked to the development of
the plastic zone as the tunnel advances, so the following expressions were suggested:

u
u max

u
u max

=

uo
X
exp 
u max
R


u
= 1 − 1 − o
 u max

for X<0 (ahead of the face)


 3 X
 exp −

2
P
R

r



(6.25)

for X>0 (within tunnel)

uo
exp(− 0.15 Pr )
=
3
u max

(6.26)

(6.27)

where u is the tunnel displacement, uo is the displacement at the face of the excavation,
umax is the maximum displacement for an unlined tunnel (i.e. λ=1), X is the distance to the
face of the excavation, R is the tunnel radius and Pr is a ratio between the plastic radius at
maximum displacement and the radius of the tunnel Rp/R.
Figure 6.16 shows the displacement contours for both models at λ=1.0. Displacements at
the roof of the tunnel for λ = 0.8 were approximately 14mm for the Continuously-yielding
model and 12mm for the modified soil-infilled joint model, whereas the average
displacement umax, disregarding detached blocks was 30mm for the Continuously-yielding
model and 20mm for the modified soil-infilled joint model. The LDP constructed using
Equations (6.25) to (6.27) is presented in Figure 6.17. The LDP agreed with the empirical
relationship proposed by Chern et al. (1998) which was based on field data.
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Figure 6.16 – Unlined tunnel with stress relaxation ratio λ=1.0 (a) Continuously-yielding
joint model. (b) Modified soil-infilled joint model.
There was a normalised distance from the face of the excavation X/R=0.52 for the
Continuously-yielding model that corresponds to a normalised displacement u/umax=0.47
(14 mm/30 mm), whereas a value of X/R=0.73 for the modified soil-infilled joint model
corresponds to u/umax=0.60 (12 mm/20 mm). Therefore, due to the dilation effect which
was better simulated by the modified soil-infilled joint model, there was a difference of
approximately 43% in the position where the support should be installed. An earlier
installation may unexpectedly overload the support and the possibility of its later
installation due to the dilational behaviour better described by the soil-infilled model may
be confirmed during the construction with appropriate instrumentation.
As noted earlier, a common practice when dealing with soil-infilled joints is to assume the
shear strength parameters of the infill material alone, representing shear behaviour with a
Coulomb slip model. The effects of such an assumption is further investigated here using
the concept of the LDP and examining the induced loads on the tunnel support.
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Figure 6.17 – Longitudinal displacement profile
If the joint was assumed to follow a Coulomb slip model with shear parameters of the infill
alone, failure of the support and collapse of the tunnel for a stress relaxation ratio λ = 0.8
(Figure 6.18) was verified. Supports must be installed close to the face of the tunnel, only
allowing a stress relaxation ratio of λ = 0.5. This condition would considerably reduce the
excavation performance and have significant cost implications. Besides, an earlier
installation increases the induced loads on the support and a thicker support may be
required. As presented in Figure 6.19, the assumption of a Coulomb slip model with infill
parameters only results in a support capacity diagram with a larger scatter, and the support
bearing increased axial loads. The solid lines represent the maximum loading combination
(axial force vs bending moment and axial force vs shear force), i.e. the envelope for the
onset of cracking at a specific factor of safety (Fs). The construction and interpretation of
the capacity diagrams in Figure 6.19 are based on Hoek et al. (2008) and Carranza-Torres
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and Diederichs (2009). This would imply an increase in the thickness of the support in
order to increase the factor of safety. However, the diagrams plotted for the modified soilinfilled joint model clearly show that the factor of safety was satisfied because a great
majority of the points were within the Fs=2.0 envelope and therefore increasing the
thickness of the temporary support would not be required.

Figure 6.18 – Lined tunnel with Coulomb slip joint model with infill strength parameters.
(a) Stress relaxation ratio λ=0.8 (b) Stress relaxation ratio λ=0.5.
6.5.

EFFECTS OF SHEAR DISPLACEMENT ON THE STABILITY OF A

ROCK WEDGE FORMED IN THE ROOF OF A TUNNEL
The approach presented in section 4.3.2 for the stability assessment of a symmetric rock
wedge formed in the roof of a tunnel, considered the joints to follow an elastic-perfectlyplastic behaviour. However, as previously noted, in cases of pronounced asperity
interference, i.e. hardening of the shear-displacement curve, an elastic-perfectly-plastic
joint model will underestimate the displacement required to fully mobilise the peak friction
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angle, as shown in Figure 5.18. The normal stress applied to the joints decreases as a result
of greater vertical displacements of the rock wedge because of the relaxation mechanism
implied in such a case.

Figure 6.19 – Support capacity diagrams for shotcrete lining. (a) Modified soil-infilled
joint model (b) Mohr-Coulomb joint model with infilling strength parameters.
Using the same analysis approach (i.e. section 4.3.2) but adopting incremental
displacements, the joint shear force can now be expressed by:
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 H sin α + K s u y cos α
S = o
 yN

if (H o sin α + K s u y cos α )N −1 < y
otherwise

(6.28)

where, y is either tan(φpeak) for a Coulomb slip joint model or the hardening function given
by Equation (5.24) for the soil-infilled joint model.
For example, a symmetric rock wedge in the roof of a circular tunnel (radius R = 4.5 m;
semi-apical angle α = 31.5º; height h = 4 m; rock unit weight γ = 26 kN/m3) structurally
controlled by soil-infilled joints is assumed to behave similarly to the clay-infilled joints
presented in Figure 5.18. Under a far-field vertical stress σv = 570 kPa and ko = 1.5, this
yields the wedge behaviour presented in Figure 6.20. As observed, if the soil-infilled joint
model is adopted, higher displacements are predicted for a maximum mobilised strength to
disturbing forces ratio (M/D) of 1.15 at a displacement uy = 3.6 mm against the value of
M/D = 5.2 for the Coulomb slip joint model at uy = 1.2 mm.

Figure 6.20 – Analytical factor of safety against sliding of a symmetric rock wedge.
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6.6.

CONCLUDING REMARKS

The soil-infilled joint model seems to describe accurately, the occurrence of dilation and
compression with lateral displacements of soil infilled joints. Consequently, it better
represents some of the shearing mechanisms associated with infill squeezing and asperity
interference that cannot be readily captured by the existing joint models originally
developed for clean discontinuities (e.g. Barton-Bandis, continuously-yielding) or
conventional joint models such as the Coulomb slip model.
Besides the obvious effect of reducing the shear strength of rock joints, the presence of a
soft soil infill may impose strain hardening and/or strain softening mechanisms that are
often associated with an increase in joint roughness influence and infill squeezing with
displacement. This hardening/softening behaviour is not described by joint models such as
the Coulomb slip, Barton-Bandis and continuously-yielding, and the use of these models
may yield an overestimation of the mobilised shear strength and an underestimation the
joint shear displacements.
If the discontinuity is soil-infilled, then other effects beside asperity sliding and
degradation must be considered. As a result, the continuously-yielding model and BartonBandis model do not describe normal displacements of the joint, as observed in the
laboratory. Correct prediction of joint dilation in the design of underground supports is
essential, particularly the time needed for support installation, the need to avoid its
overloading and preventing excessive ground deformation.
The new set of proposed discontinuity strength and deformation relationships can be used
as an alternative approach in design. Although the proposed soil-infilled joint model still
suffers from inevitable limitations such as the empirical parameters that need further
calibration with experimental data, this chapter vividly demonstrates its practical value
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with respect to underground excavation and slope stability assessment in jointed rock
mass.

Chapter 6 – A comparison between existing models of rock discontinuity strength and deformation

218

CHAPTER 7
7.

CONCLUSIONS AND RECOMMENDATIONS

7.1.

GENERAL

Understanding the shear behaviour of infilled rock joints is crucial for the design and
stability analysis in surface and underground rock engineering. In light of this, this
research study presented an analytical, experimental and numerical investigation into
the implications of soil-infilled joints on the behaviour of rock masses. For this purpose,
extensive practical applications were presented such as slope and wedge stability,
tunnelling and support assessment. Some limited direct shear tests on synthetic rock
joints and tension joints were also included. Based on these tests, an existing model for
predicting the peak shear behaviour of soil-infilled joints was extended in order to better
represent the strength of clean joints. Moreover, a new mathematical model that is
capable of describing the shear-displacement of infilled rock joints was developed. The
proposed model considers the effects of a number of governing parameters such as the
friction angle of the infill material φfill, the basic friction angle of the rock joint φb,
asperity interference and infill squeezing. Specific conclusions of this study are
presented below.
7.2.

APPLICATION OF NORMALISED THE PEAK SHEAR STRENGTH

MODEL
•

The normalised peak shear stress model explicitly shows some of the governing
parameters and highlights the role of infill thickness to asperity height ratio (t/a)
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in reducing the shear strength from the maximum value associated with clean
rough k joints. It is able to capture two distinct zones in regards to infill
thickness, i.e. the interfering and non-interfering zones. Infill cohesion can be
included in the model by subtracting the normalised peak shear stress (τp /σn)
with a normalised cohesion term, c'fill/σn.
•

In its original form (Equation 3.13), the model overestimates the strength of the
clean joint due to the consideration of only the initial asperity angle. Expanding
function A that describes the effect of the rock interface, and using the dilation
angle at peak shear stress of the clean joint (Equation 4.5) gives a better
prediction of the peak shear stress for soil-infilled joints. The dilation at peak
shear stress for the soil-infilled joint could also be described as a function of σno,
a, and t/a (Equation 4.15).

•

The model has a good potential to be applied as a simplified approach in rock
engineering problems once the relevant parameters have been evaluated in the
laboratory for representative soil-infilled joints. The effect of different infill
thicknesses on the factor of safety determined by limit equilibrium analyses may
be readily assessed as demonstrated in Chapter 4 considering the slope and
wedge stability examples.

•

Despite its potential application, the shear displacement is not accounted for and
in some circumstances, the peak shear strength may not be completely
mobilised. Therefore, a more comprehensive model that describes the
mobilisation of the joint shear strength with lateral displacement was imperative,
as further discussed in Chapter 5.
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7.3.
•

SHEARING MECHANISM OF SOIL-INFILLED JOINTS
Although not always clearly identified in laboratory results, three shearing
phases can be assumed for infill thicknesses smaller than the critical value. The
first phase is controlled mainly by the strength of the infill material. The role of
the rock is to set the boundary limits for the soil failure surfaces which are
defined by the geometry or roughness of the joint. During the second phase, as
shearing proceeds, the infill above the sliding surface has to be “squeezed out”
of its position between the advancing asperities to fill the space generated on the
unloaded side of the joint. After some displacement has occurred, the two rock
surfaces will eventually come into contact and the strength of the joint will
increase. From then on, the shear behaviour will be governed by the shape of the
asperities and the strength of the rock, marking the beginning of the third phase.
Depending on the level of applied normal stress, dilation may occur caused by
sliding of one block over the other and followed by the breakage of asperities as
normally expected in unfilled joints.

•

At the beginning of the shearing process, shear stresses rapidly build up (i.e. at
small axial strains) to a first plateau of shear strength, which is referred to here
as the infill peak. During this phase, depending on the infill material and the
applied normal stress, initially a small amount of compression can be observed
followed by dilation. In the second phase, associated with infill squeezing, the
rock walls approach each other causing an increase in the asperity interference
that is represented by strain-hardening as indicated on the shear-strain curve, and
also reflected by the normal displacement curve. After the rock walls have come
into contact, progressive shearing of the asperities results in a strain-softening
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behaviour reflected by the shear-displacement curve marking the start of the
third phase.
•

In a laboratory scale, it is often difficult to clearly identify all three shearing
phases, particularly the infill peak for tests on natural joints. This is caused by an
early start (i.e. at small strains) of the second phase.

7.4.
•

SHEAR-DISPLACEMENT CRITERION
The joint shear behaviour was assumed to be described by two basic
components: the shear strength related to the joint surface component and that
related to the infill material.

•

As a result of the infill material being squeezed out between the advancing
asperities, the stresses initially concentrated within the infill are gradually
transferred to the asperity tips with shear displacement. This mechanism is
represented by the new squeezing factor presented in Equation (5.2) and
depicted in Figure 5.7 (Chapter 5).

•

The proposed infill squeezing factor (Equation 5.15a) also demonstrates the
influence of roughness and the t/a ratio influencing the shearing mechanism. In
addition, to better capture the observed increase in asperity interference with
shear displacement an asperity interference factor is proposed (Equation 5.15b)
which also takes into account the effects of infill thickness and roughness.

•

This new model which is capable of describing the shear-displacement
behaviour of infilled rock joints, considers the effects of a number of governing
parameters such as the friction angle of the infill material φfill, the basic friction
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angle of the rock joint φb, the degradation of asperities, joint roughness JRC and
the infill thickness to asperity height (t/a) ratio.
•

Although the proposed soil-infilled joint model still suffers from inevitable
limitations as those presented in Chapter 5 (Section 5.6), the new set of proposed
discontinuity strength and deformation relationships can be used as an
alternative approach in design.

7.5.

COMPARISON WITH EXISTING MODELS OF DISCONTINUITY

STRENGTH AND DEFORMATION
•

The soil-infilled joint model seems to describe accurately, the occurrence of
dilation and compression with lateral displacements of soil infilled joints.
Consequently, it better represents some of the shearing mechanisms associated
with infill squeezing and asperity interference that cannot be readily captured by
the existing joint models originally developed for clean discontinuities (e.g.
Barton-Bandis, continuously-yielding) or conventional joint models such as the
Coulomb slip model.

•

Besides the obvious effect of reducing the shear strength of rock joints, the
presence of a soft soil infill may impose strain hardening and/or strain softening
mechanisms that are often associated with an increase in joint roughness
influence and infill squeezing with displacement. This hardening/softening
behaviour is not described by joint models such as the Coulomb slip, BartonBandis and continuously-yielding, and the use of these models may yield an
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overestimation of the mobilised shear strength and an underestimation of the
joint shear displacements.
•

If the discontinuity is soil-infilled, then other effects beside asperity sliding and
degradation must also be considered. As a result, neither the continuouslyyielding model nor the Barton-Bandis model describe accurately the normal
displacements of the joint, when compared to laboratory data. Correct prediction
of joint dilation in the design of underground supports is essential, particularly
the time needed for support installation, the need to avoid its overloading and
preventing excessive ground deformation.

•

In the analysis of the support distance from the excavation face presented in
Section 6.4.4, Chapter 6, the numerical simulation indicated a difference of 43%
between the Continuously-yielding model and the modified soil-infilled joint
model with obvious cost implications. An installation too early overloads the
support, but its delayed installation benefiting from the dilational behaviour
described by the soil-infilled joint model needs be further examined during
construction with appropriate instrumentation.

•

The analytical approach presented in Section 6.5 (Chapter 6) for the stability
assessment of a symmetric rock wedge in the roof of a tunnel demonstrates that
the peak shear strength of the joint may not be fully mobilised. The analysis
verified that an overestimation of the factor of safety was observed when an
elastic-perfectly-plastic joint model (i.e. a Coulomb slip model) was assumed
(FoS = 5.2), whereas adopting an appropriate soil-infilled joint model the
computed maximum factor of safety was considerably less, i.e. in the order of
1.15.
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7.6.
•

FUTURE RECOMMENDATIONS
Although the model has been validated against idealised infilled joints, including
both regular (saw-toothed) and natural profiles, its application is still constrained
by the need for further validation of more realistic geometry infilled joints.

•

The undrained shear response of rock joints with different types of infill
(normally consolidated and overconsolidated) should be investigated, because
natural infills exist in a very wide range and may include both cohesive and
cohesionless soils. For this reason, the natural infills (e.g. ranging from purely
cohesive to cohesionless) from different locations can be used in the laboratory
program.

•

The scale effects, i.e. the effects of changes in joint surface wave length and
asperity height, were not examined fin this study of infilled joint behaviour. In
addition, the single value for t/a ratio assumed for the joint was also a
simplification and might not fully represent the natural infilled joints where the
infill thickness may considerably vary along its length.

•

Most naturally occurring infills are fully or partially saturated with varying
water content. The degree of infill saturation can influence the joint shear
strength. Therefore, it is advisable to examine the effect of degree of saturation
(changing water content) on the shear response.

•

Other mechanisms may develop in infilled joints under water flow, where
seepage pressure and associated increase in internal pore pressures may affect
the joint shear strength.
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•

Earthquakes could destabilise rock strata as a result of significant reduction in
joint effective shear strength due to sudden pore pressure build-up within the
infill. An investigation into the effect of dynamic loading will be useful to
improve the current knowledge on the shear behaviour of infilled joints.

•

As shown in Chapter 3, overconsolidated infilled planar joints did not resemble the
shear behaviour of the overconsolidated infill. Therefore, the effect of
overconsolidation in relation to roughness should be investigated further with a
higher range of OCR and joint profiles.

•

The behaviour of overconsolidated infilled joints has been studied under undrained
conditions. However, the shear strength parameters obtained from drained tests
(represent long-term stability) may be different from undrained tests. An
investigation under drained conditions will extend the existing study on the
overconsolidated infilled joints.
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1.
BACK-ANALYSIS

BASED

APPENDIX A
ON THE

PINHEIROS STATION

COLLAPSE

A.1.

INTRODUCTION

In order to further demonstrate the potential application of the soil-infilled joint model
in practice and the implications of sediment-infilled joints on rock mass behaviour, a
back-analysis based on a realistic case study is presented in this chapter.
The Pinheiros Station incident occurred on 12 January 2007, during bench excavation of
one of its platform tunnels. The station is located in a dense urban area of the largest
city of Brazil, Sao Paulo, and its collapse caused enormous material damages with
seven fatalities. The Institute for Technological Research of Sao Paulo (IPT) was
appointed by the State Government to undertake one of the most comprehensive
forensic investigations in the Brazilian Engineering history. On the basis of the forensic
investigation findings, a numerical back-analysis based on the station excavation was
carried out. A possible kinematics of the collapse is investigated focusing on the role of
clay-infilled discontinuities which had not been taken into account in the design.
A.2.

PINHEIROS STATION CASE HISTORY

The Yellow Line of the São Paulo (Brazil) Metro is 12.5 km long and links the city
centre to the western suburbs with four interchange stations. The stations are under
construction by either cut and cover or NATM methods. The Pinheiros Station was
being built by sequential excavation method (NATM) and included a large-diameter
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shaft (40 m diameter x 36 m in depth), two platform tunnels (18.6 m wide x 14.2 m high
x 46 m long) and two access tunnels. The station has side-platforms with a central
double-track tunnel (9.6 m diameter). The components of the Pinheiros Station are
depicted in Figure A.1.

Figure A.1 – Artist’s impression of the Pinheiros Station (after Barros et al. 2008).
The incident occurred on 12 January 2007, during bench excavation of one of its
platform tunnels. The bench excavation started from the running tunnel end towards the
shaft. The collapse took place when the bench excavation was almost complete, i.e.
close to shaft. The collapse day-lighted in the form of a large crater at Capri Street
(Figure A.2). Further details about the construction and the accident are presented by
Barros et al. (2008).
The Institute for Technological Research of Sao Paulo (IPT) was officially appointed by
the State Government to investigate the causes of the collapse. The investigation
conducted by IPT involved the analysis of all documentation that could be related to the
accident, i.e. from the bidding process to the final design and construction reports and
drawings, including any data and follow-up reports. In addition, a thorough
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archaeological excavation of the collapse debris was carried out, including: geological
mapping of the collapse area and residual structures; mapping and photography of the
debris, determining its geographical position and material testing.

Figure A.2 – São Paulo Metro station collapse (photo courtesy of Ayrton Vignola/
Folha de S.Paulo).
In the final report, IPT (2008) stated that an over-simplified geomechanical model was
assumed in the design disregarding geological structures, whereby the likely formation
of wedges in the roof and side walls of the station cavern which could have significantly
contributed to the kinematics of the collapse. Based on such an over-simplified model,
the proposed open support system (heading arch and footings) could have been
inadequate, resulting in failure zones under the arch footings (bench side walls).
Moreover, the role of sediment infilled joints that were observed during excavation had
not been taken into account (Figura A.3).
Similar assessments were also reported by other investigators (Barton, 2008; Maffei et
al., 2008). They pointed out that some of the instrumentation data indicated a rigid
block movement in the tunnel roof (Figure A.4). The location of the instruments with
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respect to the cross-section of the platform tunnel is also presented in the same figure.
They also reported other factors such as the presence of weathered biotite and clay
seams on the left-hand side corner of the tunnel bench (Figure A.5) as well as strainsoftening of the rock which have mainly been attributed to the footing failure.

Figure A.3 – Boudinage and clay-infill (Photo by Nick Barton).

Figure A.4 – Instrumentation data at section G approximately 27 m away from shaft
(modified from IPT, 2008).
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Figure A.5 – Weathered biotite and clay seams observed during forensic investigation
(Photo by Carlos Nieble).
In this scenario, which involves the inherent complex nature of the cavern excavated by
a sequential method (i.e. NATM), a numerical back-analysis is a valuable tool for better
understanding of the collapse mechanisms. The numerical procedure may be configured
in such a way that the results of field measurements and data from the forensic
investigation can be used as input data to determine some of the controlling parameters
to completely describe the analysis model in question. Therefore, in order to investigate
the possible mechanisms discussed above, a 3D numerical simulation of the station
excavation is presented here, including the effects of a large rock wedge formed in the
cavern roof which is structurally controlled by clay-infilled joints.
A.3.

MODELLING PROCEDURE AND ASSUMPTIONS

In order to investigate a possible kinematics of the collapse, a 3D analysis was carried
out using the numerical code FLAC3D. The model includes: all station components (i.e.
shaft and platform tunnel, and running tunnel); excavation and support installation
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sequences as built; full support system (i.e. shotcrete lining, lattice girders and
forepoling) as depicted in Figure A.6; and a large rock wedge in the roof of the platform
tunnel that is structurally controlled by soil-infilled discontinuities. Only one quarter of
the problem is modelled, assuming dual symmetry (Figure A.7).

Figure A.6 – Schematic of platform tunnel support.
Geological conditions at the Pinheiros Station site are marked by high levels of
heterogeneity and anisotropy mainly due to prominent joint planes. The thicknesses of
the different material layers (soils, weathered rock and fresh rock) vary significantly
along the tunnel alignment increasing the difficulty of establishing the contacts between
materials (i.e. soils and rocks, weathered and fresh rock etc.) accurately along the entire
tunnel. In addition, the station is located in an area known as the Caucaia Shear Zone,
resulting in a highly fractured medium. The main joint sets are presented in Table A.1.
The main observed lithologies were biotite gneiss, granite gneiss and isolated pegmatite
dykes. According to the Bieniawski classification (1989), the following rock mass
classes were observed: II, III, IV (partially corresponding to saprolite) and V (partially
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corresponding to residual soils). A typical geological cross section is shown in Figure
A.8. The longitudinal section is presented in Figure A.9.

shaft
rock wedge

clay-infilled joint 2
running tunnel
clay-infilled joint 1

platform tunnel

(b)

(a)

Figure A.7 – Numerical model corresponding to one quarter of geometry. (a) Model
components (b) End of bench excavation showing geotechnical units according to Table
A.2.
Table A.1 - Families of discontinuities (modified from IPT, 2008)
Joint
set
F1
F2
F3
F4
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Mean dip
angle (°)
88
89
35
40

Mean dip
direction (°)
347
73
355
161

Spacing
(m)
0.33
0.38
0.18
0.27
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Figure A.8 – Typical geological cross-section.
To take into account of the jointed medium, the rock mass classes II, III and IV were
assumed to follow the Hoek-Brown failure criterion with elastic perfectly plastic
behaviour. The elastic properties and strength parameters were estimated from the intact
rock parameters adopting a value of the Geological Strength Index – GSI = 30, based on
the geological structures and joint conditions (Figure A.10). It is assumed that this low
value of GSI already takes into account the variability of the different material
thicknesses, hence, a constant (average) thicknesses for all layers were adopted as
presented in Table A.2 together with the relevant model parameters.
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Figure A.9 – Typical geological longitudinal section.
Table A.2 - Geomechanical model parameters

mi

0.30

MohrCoulomb
c'
φ'
(kPa)
24
1

-

0.30

28

100

-

0.30

712-700

6380

519

700-685

13000

685 -

27200

Elevation
range
(m)

Ei
(MPA)

Fill

724-721

8

-

Alluvium

721-716

15

Residual
soil/Saprolite
Rock mass
class IV
Rock mass
class III
Rock mass
class II

716-712

Layer

Em
(MPA)

ν

Hoek-Brown parameters
mb

σci

a

s

-

-

(MPa)
-

-

-

5

-

-

-

-

-

28

15

-

-

-

-

-

0.25

-

-

16.42

1.35

5.8

0.52

1058

0.25

-

-

27.75

2.28

54.6

0.52

2200

0.25

-

-

32.6

2.68

60.0

0.52

4.2e3
4.2e3
4.2e3

Due to the reduced confining or minor principal stress, σ3, around the opening, the
elements in that region were assigned a brittle behaviour to better simulate the failure of
the top arch footings. The cohesion and tensile components of the strength are set to
zero at the onset of yielding and the friction component is assumed half of its original
value corresponding to a similar residual friction angle to that of the main joint sets (φr
≈ 28°). The importance of this assumption was confirmed during preliminary runs
where yielding of the elements underneath the arch footing was observed (Figure A.11).
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STRUCTURE

VERY POOR: Slickensided, highly weathered
surfaces with soft clay coatings or fillings

POOR: Slickensided, highly weathered surfaces with
compact coatings or fillings or angular fragments

FAIR: Smooth, moderately weathered and altered
surfaces

GOOD: Rough, slightly weathered, iron stained
surfaces

From the lithology, structure and surface
conditions of the discontinuities estimate the
average value of GSI. Do not try to be too precise.
Quoting a range between 33 and 37 is more
realistic than stating that GSI=35. Note that the
table does not apply to structurally controlled
failures, where weak planar structural planes are
present in an unfavourable orientation with respect
to the excavation face (these may dominate the
rock mass behaviour). The shear strength of
surfaces in rocks which are prone to deterioration
as a result of changes in moisture content will be
reduced if water is present. When working with
rocks in the fair to very poor categories, a shift to
the right may be made for wet conditions. Water
pressure is dealt with by an effective stress
analysis.

VERY GOOD: Very rough, fresh, unweathered
surfaces

INDEX

SURFACE CONDITIONS

GEOLOGICAL STRENGTH
FOR JOINTED ROCKS

DECREASING SURFACE QUALITY

Figure A.10 – Geological strength index for jointed rock masses (modified from
Marinos and Hoek, 2000).
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Figure A.11 –Yielding state of elements underneath arch footing after bench excavation.
The in-situ stress ratio ko was assumed equal to unity before any excavation. This value
of ko was previously observed in similar excavations in the nearby area. No pore
pressure measurements were available, and despite the water table being above the roof
of the tunnel, it was assumed that efficient drainage would occur through the fracture
network during all stages of tunnelling.
The properties of the shotcrete lining were density ρ = 2500 kg/m3, Young′s Modulus E
= 30 GPa, compressive strength σc = 35 MPa and tensile strength σt = 2.5 MPa. The
thicknesses of the shotcrete were t = 0.35 m and t = 0.15 m for the top arch and bench
walls, respectively. Saiang et al. (2005) concluded that the interaction of the shotcrete
lining and the country rock (i.e. support effectiveness) is largely dependent on the
behaviour of its interface. They also noted that the normal load applied to tunnel linings
rarely exceeds 0.2 to 0.5 MPa, and under such a condition the shear strength is
determined by the bond strength of cemented shotcrete-rock interfaces. As a result,
shotcrete-rock interfaces also show a brittle behaviour (Figure A.12). In light of this, the
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shotcrete-rock interface was discretised assigning a friction angle of φcshot = 50° and a
cohesion of ccshot = 250 kPa, which are similar to the equivalent friction angle and
cohesion of the parent rock mass. At the onset of interface yielding, the cohesion is set

Shear stress

to zero (i.e. ccrshot = 0).

Country rock
Shotcrete

Interface

Shear displacement
(a)

(b)

Figure A.12 – a) Elastic brittle plastic behaviour adopted for shotcrete lining interface
and rock elements underneath the footings and vicinity b) Schematic of shotcrete lining
interface.
The lattice girder and forepole properties were, respectively: Young′s Modulus Elg =
210 GPa and Efp = 210 GPa, area Alg = 15.64 x 10-4 m2 and Afp = 11.0 x 10-4 m2, second
moment of area Ilg = 752 x 10-8 m4 and Ifp =6.37 x10-7 m4 and plastic moment Mlg =
46.76 kN.m. and Mfp = 2.78 kN.m.
Clay-infilled discontinuities
As noted earlier, clay-infilled joints were observed during excavation which had not
been taken into account in the design. Rock joints that are filled with soft sediments are
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likely to be the weakest planes in a rock mass, having a dominant influence on its
overall shear behaviour.
For joints with infill thicknesses smaller than the critical value, a hardening behaviour is
often observed in laboratory results which is caused by the increase in joint roughness
influence with shear displacement. This mechanism is captured by the soil-infilled joint
model due to the concepts of infill squeezing and asperity interference. Similar
behaviour was also reported by de Toledo and de Freitas (1993). This
hardening/softening behaviour is not readily described by conventional joint models
such as the Coulomb slip and Barton-Bandis models. As a result, an overestimation of
the shear strength would be observed in the first and second phase of the shear-strain
curve, thus, under-predicting the joint shear displacements.
In order to investigate the behaviour of the rock wedge under a condition of pronounced
infill squeezing and asperity interference, the clay-infilled joint presented in Figure 5.18
was assumed to be representative of the existing joints (Figure A.7). Possible scale
effects were disregarded and the thickness of the infill was assumed constant along the
joints. Due to the difference in predicting the mobilisation of the shear strength, both the
Coulomb slip joint and soil-infilled joint models were adopted and the effect on wedge
stability evaluated. The implementation of the soil-infilled joint model in FLAC3D was
discussed in Chapter 5.
A.4.

MODEL RESULTS

It is apparent from Figure A.13 that the model describes the tunnel behaviour during
excavation with acceptable agreement. The displacements predicted with the soilinfilled joint model are in agreement with the higher displacements observed in the field
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and, as expected, are about 10% higher than those predicted by the Coulomb slip joint
model.

Figure A.13 – Settlement predictions with tunnel advance at instrumentation section G,
27 m away from shaft.
Despite the good agreement of the predicted displacements with the instrumentation
data, the data shown in Figure A.13 alone do not clearly indicate collapse. It is also
important to verify the structural performance of the tunnel support for the observed
level of deformation. Potential failure of the support system can be noted when plotting
the structural capacity diagram of the top heading shotcrete lining underneath the rock
wedge (Error! Reference source not found. A.14) which becomes more critical with
further displacement or detachment of the rock wedge caused by fragmentation (not
modelled) of the rock underneath the footings. The loads shown in Figure A.14 are only
those of the shotcrete elements, i.e. not including the loads of the lattice girder elements
The shaded areas represents the maximum loading combination (axial force vs bending
moment) for the onset of cracking at particular factors of safety (Fos= 1 and 2.0). The
construction and interpretation of the capacity diagrams in Figure A.14 are based on the
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solutions presented by Hoek et al. (2008) and Carranza-Torres and Diederichs (2009).
Although the soil-infilled joint model predicts slightly higher induced moments and
axial loads as the result of the predicted larger displacements, both joint models indicate
the potential failure of the support.

Figure A.14 – Support capacity diagram of top heading shotcrete lining after bench
excavation.
It is important to remark that in this analysis, only the joints controlling the roof wedge
have been fully discretised and the remaining joint sets have been accounted for through
an equivalent continuunm material model, i.e. the Hoek-Brown model. Therefore, the
difference between the two joint models in the overall tunnel behaviour is less
pronounced than that if a 3D discontinuous model had been employed discretising all
joint sets. However, the effect of the different joint models is much more pronounced in
the behaviour of rock wedge alone. As shown in Figure A.15, the Coulomb slip model
predicts the mobilisation of the shear strength of Joint 1 in Figure A.7 at significantly
lower displacements (approximately 150% less) than does the soil-infilled joint model.
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The higher the displacements, the smaller will be the normal stress acting on the joint
due to the stress relaxation implied in the wedge stability. Consequently, the soil-infilled
joint model indicates a more obvious detachment of the wedge from the tunnel roof,
which justifies the differences observed in Figures A.13 and A.14. This analysis is also
in agreement with the analytical approach for wedge stability presented in Chapter 6,
Section 6.5.

Figure A.15 – Prediction of wedge behaviour and mobilisation of the shear strength of
joint 1.
The possible collapse kinematics modelled in this study can be summarised according to
the following stages: (a) before excavation; (b) excavation of the top heading causing
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low to moderate wedge displacements; (c) excavation of the cavern bench causing
further wedge displacement (i.e. failure and fragmentation of the rock mass underneath
the footings due to the removal of confinement causes pronounced wedge detachment);
and (d) the pronounced displacement of the wedge overloads the support system which
progressively fails. Figure A.16 depicts the stages of the collapse observed in the
current model, which is in agreement with the sequence of the structural failure
mechanism presented by IPT (2008) and Barros et al. (2008).

Figure A.16 – Kinematics of cavern collapse.
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A.5.

CONCLUDING REMARKS

A back-analysis based on the Pinheiros Station collapse was presented in order to
investigate a possible failure mechanism. The influence of a large rock wedge in the
cavern roof and the failure of the rock mass underneath the arch footings were
numerically simulated, whereby the effects of clay-infilled rock joints with pronounced
roughness and infill squeezing influence were considered.
The numerical model, that represented the observed collapse with acceptable agreement,
clearly demonstrates that the delayed mobilisation of the shear strength generates not
only larger displacements of the rock wedge, but also causes larger overall tunnel
deformation and increased support loads.
A correct prediction of the shear displacements and strength mobilization of
discontinuities is essential in the design of underground excavations in a jointed
medium, or in circumstances where the failure is structurally controlled to avoid support
overloading and to prevent excessive ground deformation.
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